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Abstract 
 

The objective of this work is to develop a design method for Integral Abutment Bridges 

(IABs), such that more accurate predictions of pile response to vehicular loading can be made. 

This paper presents the results of field tests performed on piles which support an IAB. These 

results led to a recommended IAB design procedure which includes an in-situ lateral pile load 

test, the development of P-Y curves, and the establishment of non-linear soil spring constants 

for modelling IABs.  

A brief look at the soil-structure interaction (SSI) and mechanics of IABs, as well as a 

literature review of the evolution of the IAB design process, are included. Early works 

including the Winkler and elastic continuum theories lead to the establishment of solutions, 

which provide displacement and stress values used for design purposes. However, the advent 

of the home computer made Finite Element Modelling (FEM) a more viable and accurate 

approach to solving “beam on elastic subgrade” problems. A hybrid approach, combining 

FEM and Winkler theories (FEM-Winkler), has since become standard practice for designers 

of IABs throughout Canada. An example of such is presented herein. 

The coefficient of horizontal subgrade reaction, kh, from which are derived the stiffnesses of 

discrete soil springs used in the hybrid FEM-Winkler design process, is a variable that is 

difficult to estimate. Therefore, some structural and geotechnical engineers recommend 

conducting tests to better assess the actual lateral soil spring stiffnesses. Many of these tests, 

including those described in the American Society for Testing and Materials (ASTM) 

Standard D3966, are designed to be conducted on expensive mock-up pile assemblies with 

similar characteristics to those planned for the production piles. An alternate and more 

economical approach, consisting of an in-situ lateral pile test conducted on a production pile, 

was conducted. A live load test to measure bridge deck deflection and pile strain was also 

performed, and both tests are presented herein.  

Based on the results of the in-situ lateral pile test, structural models were created with the 

structural software STAAD.Pro, and assumed values of linear lateral soil spring stiffnesses 

were used to match the pile head deflection and strain measured in the field. Initial estimates 

of spring stiffness were based on values of the variation of modulus of horizontal subgrade 

reaction (nh) that were recommended in the Canadian Highway Bridge Design Code 

(CHBDC) CAN CSA S6-14, and the Canadian Foundation Engineering Manual 

(CFEM,1992) for each of three (3) soil strata. These soil spring stiffnesses were found to be 

accurate at high soil strain, but much too flexible at low strain, which indicated soil non-

linearity. Therefore, non-linear reaction-deflection (P-Y) curves were developed from the 

linear soil spring models, by noting the soil reaction at each discrete soil spring location, 

based on modelled soil/pile deflection. Non-linear soil springs were defined from the 

tangential stiffness of the P-Y curves, and these were used to refine a three-dimensional FEM-

Winkler bridge model. A comparison of the model incorporating non-linear soil springs with 

the model incorporating linear soil springs demonstrated that each had a similar response to 

vehicular loading. Further to this, the predicted pile stresses and deck deflections from both 

bridge models agreed with values measured during the vehicular live-load bridge test.  
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Chapter 1 - Introduction  

The objective of this work is to gain a better understanding of IAB pile behaviour, and to 

develop a standard procedure for design. A method was established to conduct a simple 

in-situ field test to measure the stiffness of the soil-pile system of a production pile in a 

IAB abutment. The author illustrates how this information can be used to develop P-Y 

curves and define non-linear soil springs to be used in a hybrid Finite Element Modelling 

and Winkler (FEM-Winkler) process to observe pile stresses under different vehicular 

loading conditions. 

Soil-Structure Interaction (SSI) is a key consideration for the design of an IABs, and is 

often inaccurately represented due to the inherent variability of soil conditions and 

behaviour. It is for this reason that more and more bridge design engineers are 

recommending that lateral pile load tests be performed to better assess how the pile/soil 

system will behave. IABs engage the surrounding soil through abutment displacements 

caused primarily by thermal expansion/contraction, vehicular loading, wind loading and 

inertial forces caused by seismic activity. Rotational and translational rigidity at the 

interface of the girders and abutment diaphragm, as well as at the interface of the 

abutment diaphragm and pile heads, cause the structure to act as a frame. The soil 

surrounding the piles and abutment diaphragm provide vertical and lateral support to 

minimize displacements and offer structural stability, while also providing the flexibility 

necessary to allow movements to occur. The stiffness of the soil surrounding the 

structure, which is often represented by the modulus of horizontal subgrade reaction (kh), 

is a key variable in predicting the behavior of the IABs.  
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Chapter 2, Literature Review, includes an overview of the mechanics and behaviour of 

IABs, and how the design process has evolved from early spring theory to full three-

dimensional (3D) FEM occasionally used today. This chapter also talks about the general 

Scoudouc Bridge configuration, including site geology which led to a unique 

“manufactured” abutment design to achieve pile fixity. Chapter 3, Field Tests, describes 

the various tests that were performed, including the individual static pile load tests, as 

well as the bridge live load tests. This chapter details the methodology and apparatus 

used during testing, as well as summarizes the results. Chapter 4, Soil-Structure 

Interaction Models, shows the various models which are typically used for design 

purposes, and how each incorporates the value of kh. These include the computational 

models of Broms (1964a), Poulos and Hull (1989) and Abendroth and Greimann (1987), 

as well as two-dimensional (2D) and 3D structural software models. In order of 

complexity, the structural software models are i) 2D Equivalent Cantilever of Single Pile, 

ii) 2D Equivalent Cantilever of IAB, iii) FEM-Winkler of Single Pile, iv) 2D FEM-

Winkler of IAB, and v) 3D FEM-Winkler of IAB. Chapter 5, Comparison of Results 

from Linear-Elastic Methods, describes the preliminary pile lateral load tests that were 

conducted at the Picadilly Mine, as well as the pile lateral load tests that were conducted 

at the Scoudouc Bridge site. A live load test was also performed on the Scoudouc Bridge. 

In Chapter 6, Refinement of Solutions and Models Due to Soil Non-Linearity, factors are 

applied to the Poulos and Hull solution to account for the non-linear behaviour of soil, 

non-linear soil spring stiffnesses are calculated to represent the coupled effect of the 

backfill soil and the compression foam, and non-linear soil-pile springs are developed. 

The 3D bridge model is calibrated with the non-linear soil springs. In Chapter 7, 
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Discussion, the author discusses a method of field-measuring the soil-pile stiffness, and 

defining the non-linear soil spring stiffness for use in the FEM-Winkler modelling of an 

IAB. Chapter 8 contains the Conclusions and the Recommendations. 
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Chapter 2 - Literature Review  

2.1 Mechanics of an IAB 

Integral Abutment Bridges have a fixed connection with their foundation piles, as 

opposed to simply supported bridges (SSBs), which are typically only restrained against 

vertical and lateral translation. IABs rely on the flexibility of the soil/pile system to allow 

translation and rotation of the abutments due to thermal, wind, seismic and vehicular 

loads, while at the same time depending on the soil-pile system stiffness for vertical and 

lateral support. IABs differ from SSBs in behaviour due to the engagement of abutment 

elements, thus changing the overall structural mass, stiffness and damping. 

  

2.1.1 Mass 

The mass which contributes to the behaviour of IABs comes from the bridge 

superstructure, substructure and surrounding soil. The superstructure typically consists of 

an asphalt overlay, concrete deck, concrete parapets, concrete or steel girders, and 

concrete or steel intermediate diaphragms. The substructure typically consists of a 

concrete end diaphragm, concrete wingwalls, and steel piles. The soil mass which 

participates in the function of IABs cannot be determined with a high degree of accuracy 

because the soil influence field is not well known. Logic would suggest that greater 

structural movements would mobilize a greater soil field, with all other things equal. By 

the same thought process, one can easily understand that a firmer soil would engage a 

larger soil field than would a soft soil, as the greater shear strength would transfer 

elemental displacements. 
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2.1.2 Stiffness 

The sum of the individual stiffness constants of the superstructure and substructure is far 

less than the complete system. This is because the frame provides both rotational and 

translational restraint at the superstructure/diaphragm interface, and at the diaphragm/pile 

interface. Structural continuity is provided by embedding the superstructure and piles 

deep enough into a large and rigid abutment diaphragm to ensure moment transfer from 

each element. A very small angle of rotation occurs within the diaphragm, as often 

evidenced by the diagonal cracking from the girders’ bottom flanges, but it is common 

design practice to assume complete rotational rigidity. The soil contributes to the overall 

bridge stiffness by applying a compressive force to those components exposed to soil. 

This force is a function of the coefficient of horizontal subgrade reaction (kh), which is 

defined as the pressure required to move the soil one unit measurement of distance. It is 

often assumed that the horizontal subgrade reaction increases linearly with depth in 

cohesionless soils, and is constant with depth in cohesive soils. The gradient at which it 

varies in cohesionless soils is a function of the effective density of the soil. The 

coefficient of horizontal subgrade reaction is directly proportional to the undrained shear 

strength in cohesive soils.    

 

2.1.3 Damping 

The overall bridge system damping is a combination of damping attributes from the 

various components and materials that make-up the bridge, and how they interact with 

one another. The materials that comprise the Scoudouc bridge are steel, concrete and soil. 
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Steel has a relatively well defined material damping coefficient, and the limited number 

of steel connections in the bridge means that slip damping is negligible. So, the damping 

caused by the steel component of the bridge can be estimated with fair accuracy. 

Concrete damping is more complex than steel damping because of the spatial and time 

variation of concrete attributes such as modulus of elasticity, section modulus and creep. 

Cracking of concrete due to tensile stresses exceeding the modulus of rupture leads to 

increased damping through interfacial friction. Soil damping is much more complicated 

and difficult to determine analytically because it depends on the initial state of the soil 

medium, and the extent to which the soil field is engaged.      

The materials making-up the superstructure and substructure bridge components have 

characteristics that are very well known; thus, it is easy for one to predict their behaviour 

when acting independently of the surrounding soil. However, this is not the case with 

IABs. These rely on the interaction of the soil and sub-structure; therefore, their 

predictability is only as good as the least known component, namely the soil. The 

behaviour of soil is not easily predicted because of the many variables that affect its 

performance.    

Since the behaviour of IABs depends so heavily on the interaction of the soil and 

structure, it is important to accurately estimate the soil-structure system’s parameters as 

accurately as possible when designing IABs.  
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2.2 Evolution of IAB Construction and Design 

2.2.1 IAB Construction Evolution 

Integral Abutment Bridges had been constructed for decades by builders who did not 

fully understand the basic mechanics of these structures, and hence made conservative 

assumptions to ensure the structure remained safe throughout its operational life. The 

idea that girder and abutment rotation caused by vehicular loading transferred a bending 

moment to the supporting piles due to a fixed connection was not part of the design 

process. They constructed this configuration of bridge because it was a simple and cost 

effective concept to simply connect the beams to the abutments, and with short-span 

bridges, this configuration saw much success. Failures due to overstressed beams were 

rare because of the modest thermal expansion and contraction, and the idea of having to 

provide rotational and translational freedom at each abutment was not part of the thought 

process.  

By the early 1900’s, as bridge spans were extended, beam and abutment failure due to 

overstressing became more frequent and attention was paid to detailing bearings and 

expansion joints that allowed the bridge to move “freely” with thermal expansion and 

contraction. This remained a common design feature for medium span bridges, until the 

1980’s when structural and geotechnical engineers began investigating configurations 

that permitted the construction of longer IABs. The increased popularity of personal 

computers and development of structural analysis tools, including Finite Element 

Analysis, allowed the designers to better simulate IAB behaviour and gain a more 

accurate understanding of soil/structure interaction. Within the transportation industry, 

there was a growing concern and realization that the long-term maintenance costs 
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associated with expansion joints were adding significantly to operating budgets. Jointless 

bridges such as IABs rapidly became attractive alternatives to simply supported bridges, 

and engineers began studying these more intently. 

Bridge design engineers, owners, builders and operators continue to favour the design 

and construction of IABs because of the lower capital construction costs and long-term 

maintenance costs. In addition to these cost savings, benefits of IABs include longer 

spans for bridges with pedestrian sidewalks, less susceptibility to catastrophic damage 

due to high-level dynamic excitation, smoother approach transitions, and higher aesthetic 

value. 

The increased popularity of IABs resulted in the development of standards for lateral load 

tests, such as The American Society for Testing and Materials standard D3966/D3966M-

07 (2013) Standard Test Methods for Deep Foundations Under Lateral Load, to guide 

engineers in measuring the soil-structure characteristics that are required to design 

structures that rely on lateral pile behaviour. This standard provides a very detailed 

approach to test methods that are applied to simulated site conditions, to measure the 

lateral deflection and load of a vertical or inclined deep foundation when subjected to 

lateral loading. The methods apply to all deep foundations, regardless of their method of 

installation, and may be used for testing single piles or pile groups. Plans, specifications, 

provisions, or combinations thereof prepared by a qualified engineer may provide 

additional requirements and procedures as needed to satisfy the objectives of a particular 

test program. The standard covers eight test procedures, of which seven are optional. 

These are Standard Loading (mandatory when ASTM D3966 is specified), Excess 

Loading, Cyclic Loading, Surge Loading, Reverse Loading, Reciprocal Loading, 
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Specified Lateral Movement, and Combined Loading. The Standard Loading Test 

consists of the application and removal of a total lateral test load equal to 200% of the 

proposed lateral design load of the pile or pile group. The percentage load varies from 0 

to 200% in increments of 25%, then the removal of load in increments of 50% at time 

intervals that vary between 10 and 60 minutes. The Excess Loading Test increases the 

loading of the Standard Test to 250% of the proposed lateral design load. The Cyclic 

Loading Test goes through four (4) incremental cycles of lateral load application and 

removal. The Surge Loading Test involves a cycle of application and removal up to 

200%, followed by an additional, abrupt application of the full 200% of the proposed 

design load, then a removal cycle. The Reverse Loading Test involves the application of 

lateral test loads in either the push mode followed by pull, or vice versa. The Reciprocal 

Loading Test involves the application and removal of each specified lateral load level 

first in one direction, and then in the opposite direction for the number of specified 

cycles. Lastly, the Specified Lateral Movement Test entails applying the lateral test loads 

in accordance with the Standard, Excess, Cyclic and Surge Load Tests until the gross 

lateral movement of the test pile or group is as specified, and then remove the test load in 

four equal decrements, allowing 10 minutes between decrements.  

Test preparation for each of these tests involves creating an independent test 

configuration with similar conditions to those that production piles will be exposed to, 

providing a clear distance of 5 pile diameters or a minimum of 2.5m between the test 

pile(s) and reaction piles to ensure reaction loads do not affect the results. The standard 

lists many ways of providing the necessary reaction for jacking of the test pile head in 
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free and fixed conditions, including battered reaction piles, plumb reaction piles with 

embedded cap, timber deadman, and massive weights.      

Only once the soil-pile system parameters are determined, or estimated, can the detailed 

design of the IAB begin. The most common approaches to IAB design today are the 

Winkler Methodology, Elastic Theory, the P-Y Method, and Finite Element Analysis. 

 

2.2.2 IAB Design Evolution 

2.2.2.1 Winkler Methodology 

In 1867, Winkler developed a model for a beam on elastic subgrade (Coduto, 2001). The 

model consisted of a series of closely-spaced springs which are independent from one 

another, and each having a spring constant value of k as a function solely of the 

displacement at that point. Vesic (1961) thought that one should not use independent 

springs as each location is influenced by the adjacent reaction caused by a load being 

applied to a continuous beam. However, he confirmed that this fact leads to negligible 

errors in most “beam-on-elastic-subgrade” problems.   

The Winkler Method is the most traditional form of analysis for calculating pile head 

deflections and bending moments, and is still the most commonly used analytical tool for 

designers of IABs today. The general theory was used for predicting a single pile 

response, based on the work done by Hetenyi (1946) for an elastic beam supported on an 

elastic medium. It is represented by the following well known formula: 

EpIp d
4y/dx4 + Q d2y/dx2 + Esy=0   (Equation 2.1) 
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Where: 

Ep=Modulus of Elasticity of Pile (N/mm2) 

Ip=Moment of Inertia of Pile (mm4) 

Q=Axial Load on Pile (N) 

Es=Secant Modulus of Elasticity of Soil=-p/y=khD (N/mm2) 

y=Lateral Deflection of Pile (mm) 

x=Depth Along Length of Pile (mm) 

p=Lateral Soil Reaction Force per Unit Length of Pile (N/mm) 

kh=Modulus of Horizontal Subgrade Reaction (N/mm3) 

D=Pile Diameter (mm) 

 

Winkler’s work on soil elasticity theory was extended by Davisson and Robinson (1965), 

who established an idealized cantilever model representing the soil-pile system to a point 

of fixity (typically where lateral deflection is less than 5% of maximum deflection at 

ground line). This model could then be used by structural engineers to estimate the 

moment and shear in the pile. The disadvantage of this approach is that the pile is 

assumed to be unsupported above the point of fixity, which is not representative of the 

real system, and will provide inaccurate moment and shear distribution.   

The limitations of the classic “beam-on-elastic-foundation” to represent only linear soil 

behaviour was also recognized by McClelland and Focht (1956), who used finite 

difference methods to solve the “elastic beam-on-inelastic-medium” using non-linear soil 

response. Later work by Reese et al. (1974) refined the construction of curves which 

represented the relationship of soil reaction and lateral displacement at discrete locations 
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along the length of an embedded pile for use in the design of laterally loaded piles. These 

curves are commonly known as P-Y curves, and this has become the P-Y method of 

predicting the response of embedded piles to lateral loading.  

 

2.2.2.2 P-Y Method 

The P-Y Method is a semi-empirical extension of the Winkler approach, where non-

linear soil spring stiffnesses are back-calculated from in-situ lateral pile load tests. The 

soil reaction is measured at incremental locations along the embedded pile, and plotted 

against the deflection at that point. The result is a graph that displays a set of non-linear 

curves (see Figure 2.1), one for every depth of embedment. Though more reflective of 

general soil behaviour, the development of accurate, site-specific P-Y curves requires 

very involved and costly lateral pile load testing at the proposed structure location. As an 

alternative to this, engineers often use P-Y curves that have been established on other 

sites, but these must be used with caution as they may not reflect the actual site 

conditions. P-Y curves can also be generated by correlating CPT or pressure meter data, 

but these must also be used cautiously. 

Figure 2.1 shows each curve associated with a soil spring, and having elastic linearity up 

to point “k”, where the curve becomes a parabolic up to point “m”, then resumes linearity 

at a lower stiffness up to point “u”, at which point the soil become perfectly plastic. The 

value of k in the figure is a parameter based on relative density, and is equivalent to nh, 

which was introduced and defined earlier in this thesis.  
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Figure 2.1 Beam on Inelastic Springs and Typical P-Y Curves for Cohesionless Soil.  

(Reese et al., 1974) 

 

The essence of the P-Y method is that the Hetenyi (1946) equation, shown in Equation 

2.1, is solved using numerical techniques (finite difference), which is described in detail 

by Reese (1977). The P-Y curves describe the lateral pile movement obtained by 

applying a specified load increment, and represent the discrete behaviour of the soil at 

one depth. The underlying principle of this theory is an assumption that this behaviour is 

independent of soil behaviour at other depths. When studying the governing equation, 

one can see that the P-Y curve is necessary to describe displacements for a given lateral 

force and/or applied bending moment. However, the stress generated in the pile is also 

related to the structural properties of the pile and the loading conditions. Therefore, 

iteration is used to solve the governing equation by using finite difference techniques and 

defining boundary conditions. The non-linear shape of the P-Y curves allow for the 

characterization of non-linear soil behaviour in the upper portion of the pile in which 
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lateral deflections are much larger, and linear soil behaviour in the lower portion of the 

pile where displacements are smaller. 

Both static and cyclic pile tests can be performed to develop P-Y curves. The measured 

soil resistance, and calculated soil modulus, will differ when comparing test results from 

clays and sands. Typically, one will observe a reduction in “apparent” soil resistance and 

stiffness for a limited maximum pile head deflection in cohesive soils because the greater 

soil plasticity creates a void between the pile and soil in the upper portion of the pile. The 

word “apparent” implies an observed reduction in soil stiffness, when in fact the soil 

itself becomes denser and stiffer during the first cycle, but then has less contact with the 

pile in future cycles. In cohesionless soils, the interfacial gap between the pile and soil on 

the trailing side is filled with collapsing aggregate, which is then compacted on the return 

cycle of the pile. This repetitive action results in denser and stiffer soil resisting the pile 

movement, providing the ultimate strength of the soil is not reached. When the ultimate 

strength of the soil is reached, the soil exhibits a marked reduction in stiffness at its yield 

point, and this represents the transition from elastic to inelastic soil behaviour.  

 

2.2.2.3 Elasticity Theory 

According to Timoshenko and Goodier (1951), “all structural materials possess to a 

certain extent the property of elasticity: if external forces, producing deformation of a 

structure, do not exceed a certain limit, the deformation disappears with the removal of 

the forces”. Because soils are known to behave linearly at low strain and non-linearly at 

higher levels of strain, one must be careful when applying elastic theory to problems of 

SSI, such as the design of IABs. Where approximate deflection and rotation predictions 
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are sufficient, such as during the conceptual design phase, linear theories may be 

adequate providing that the appropriate values of soil modulus of elasticity and modulus 

of horizontal subgrade reaction and are used, and soil displacement is expected to be 

small.  

Two classic papers from Broms (1964a, b) form the basis for most idealized models to 

predict the lateral load carrying capacity of piles. It is based on the static equilibrium of 

the pile and soil system, with the limiting factor being the ultimate soil strength. To 

simplify the analysis, Broms classified soils into one of two categories: cohesive or 

cohesionless.  

In cohesive soils, he assumed no resistance from the soil surface to 1.5 times the diameter 

of the pile, then assigned an ultimate lateral soil pressure of Pu=9cu at any point along the 

embedded pile. The cu variable represents the undrained shear strength of the soil. 

Another assumption is that the pile movements will be large enough to mobilize this soil 

reaction. 

In cohesionless soils, Broms determined that the ultimate lateral soil pressure is as 

follows: 

   Pu=3Kps’v    (Equation 2.2) 

where the Rankine passive earth pressure coefficient is as follows: 

Kp= tan2(45°+∅’/2)   (Equation 2.3) 

The s’v and ∅’ variables represent the effective vertical soil stress (kPa) and effective 

angle of friction (degrees), respectively. 
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The estimation of the lateral capacity of a single pile requires the designer to consider i) 

failure due to yielding of the soil along the entire length of the pile (short pile failure), 

and ii) failure due to yielding of the pile section at maximum moment (long pile failure). 

Solutions based on elastic continuum and boundary element analysis, have been 

published by many, including Poulos and Davis (1980) and Poulos and Hull (1989) for 

soils with constant soil modulus with depth (cohesive soils) and linearly increasing with 

depth (cohesionless soils). Formulas for the ground line deflection, ground line rotation 

and maximum pile moment were provided for free and fixed head conditions, and for 

rigid (short) and flexible (long) piles. An equation for fixed head pile moment is also 

presented in their work.  

The variable Lc is introduced in Poulos and Hull’s work as representing the critical length 

of pile, which is used to verify whether a pile acts as a short or long pile. If the total 

length of pile, L, exceeds or equals the critical value Lc, then it is considered to be a long 

pile. If the length of the pile, L, is less than one third of Lc, then it is considered to be a 

short pile. If the length of the pile L falls between these two values, then it is considered 

to be a pile exhibiting characteristics of both types, and linear interpolation is required 

between solutions. The variable Lc is represented in the following formula, for a free 

head pile in cohesionless soil: 

 

Lc=1.81d(Ep/md)0.2           (Equation 2.4) 

Where 

 m=Linear Variation of Es with Depth (N/mm3) 
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d=Pile Diameter (mm) 

 Ep=Modulus of Elasticity of Pile (N/mm2) 

 Es=Secant Modulus of Elasticity of Soil (N/mm2) 

Variations of the Lc formula are presented in Poulos and Hull (1989) for different soil 

types. The biggest drawback to this method is the inability to represent non-linear soil 

springs. To provide more realistic values of pile moment, translation and rotation, Poulos 

and Davis (1980) and Budhir and Davies (1987,1988) present a convenient non-linear 

approach where yield factors are applied to the results of the linear elastic equations to 

account for soil yielding.  These factors are primarily a function of the magnitude of 

applied load, the pile flexibility relative to that of the soil, and the distribution of soil 

stiffness. 

Greimann et al. (1982) extended the Poulos and Hull, work and helped develop the 

American Association of State Highway and Transportation Officials’ (AASHTO’s) 

specification on beam column design, which involved idealizing the soil-pile system as a 

static equivalent cantilever. Abendroth and Greimann (1987) further advanced this work, 

and developed a procedure to address the following three AASHTO Specification design 

criteria: i) Capacity of the pile as a structural member, ii) Capacity of the pile to transfer 

the load to the ground, and iii) Capacity of the ground to support the load. 

Abendroth and Greimann’s procedure is a conventional elastic design approach, which 

neglects the reserve strength associated with plastic hinge formations; therefore, 

redistribution of internal forces is not permitted to occur for ultimate strength. This is a 



18 

conventional elastic design procedure which establishes idealized equivalent cantilevers 

that are used to calculate stresses developed in the pile. 

Abendroth and Greimman introduce a variation of Poulos and Hull’s critical length 

variable Lc, and it is defined as the depth below which displacements and bending moments 

at the pile head have little effect. Piles longer than Lc act as infinitely long piles. It is defined 

as follows for all soil types: 

 

   Lc=4(EI/kh)
0.25     (Equation 2.4) 

Where 

 E=Modulus of Elasticity of Pile (N/mm2) 

 I=Moment of Inertia of Pile (mm4) 

 kh=Modulus of Subgrade Reaction of Soil (N/mm3) 

 

The lateral displacement at the pile head induces a first-order elastic end moment M, 

represented by the following formula: 

M=D1EI∆/Le
2        (Equation 2.5) 

Where 

 D1=Variable to Account for Pile Head Boundary Condition  

 E=Modulus of Elasticity of Pile (N/mm2) 

 I=Moment of Inertia of Pile (mm4) 
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 ∆=Pile Displacement at Point of Lateral Load Application (mm) 

Le=Equivalent Cantilever Length of Pile (mm) 

  

The variable D1 is equal to 3 or 6 for pinned or fixed head conditions, respectively. These 

values are consistent with common beam equations for cantilever beams with pinned or 

fixed head conditions, respectively. 

A method of calculating an effective horizontal coefficient of subgrade reaction ke for a 

pile which penetrates soil strata of varying stiffness is presented in Abendroth and 

Greimman’s (1987) work, and is expressed as follows: 

 

         ke=3/Lo
3 ʃ0

Lo{kh(x)(Lo-x1)
2} dx    (Equation 2.6) 

 

Where 

Lo=Length of Pile in Bending=Lc/2 (mm)      

 x1=Depth Below Abutment (mm) 

kh(x)=Modulus of Horizontal Subgrade Reaction at Depth x (N/mm3)  

      

 

This integral expression is simply the result of equating the second moment of inertia of 

the areas of a kh(x) diagram and a ke diagram taken about a line at depth Lo, and solving 

for ke. This depth represents the active length of the pile in bending, and equals one 

quarter of the deflected wave shape including contra-flexure, or Lc/2. A simplified 
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example of Equation 2.6 is depicted in Figure 2.2, where the equations for Ik and Ike 

would be equated and solved for ke. The values of k1 and k2 represent the modulus of 

horizontal subgrade reaction at the top and bottom of the soil horizon for which ke is 

being calculated. The variable d represents the depth of the soil horizon, the variable a 

represents the distance from the depth at Lo to the bottom of the sol horizon, and the 

variable c represents the distance from the depth at Lo to the geometric centre of the area 

bound by d and ke.  

 

 

Figure 2.2 Diagram of kh(x) and Effective Modulus of Horizontal Subgrade Reaction. 

(Abendroth and Greimman, 1987) 

 

An iterative procedure is need to solve for ke, because Lo is a function of ke. This 

procedure is outlined as follows: 
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Step 1: Assume an initial value for the equivalent-horizontal stiffness ke of the layered 

soil. 

Step 2: Evaluate the active length, Lo, of the pile in bending, which is assumed to be 

equal to one-quarter of the deflected-wave shape for the pile or about one-half of the 

length Lc, by applying the expression 

 

      Lo=2(EI/kh)
0.25       (Equation 2.7) 

 

Step 3: Calculate the second moment, Ik, of the kh(x) curve about a reference line at a 

depth of Lo.  

Step 4: Calculate the second moment, Ike, of the ke curve about a reference line at a depth 

of Lo.  

Step 5: Equate Ik and Ike, and solve for ke to obtain a new estimate for the equivalent, 

horizontal stiffness, ke, of the soil. 

Step 6: Return to Step 2 and repeat Steps 2, 3, and 4 until convergence is obtained for the 

stiffness ke. 

After the length Lc is established, Figure. 2.3 is used to find Le for a pile behavior that is 

associated with the respective equivalent cantilever. If soils with varying modulus of 

elasticity are present, then the above-noted procedure must be followed to convert the 

horizontal subgrade modulus to an equivalent uniform value before using Figure 2.2 to 

find Le. The variables in Figure 2.3 are defined as follows: 

lu=Unsupported Length of Pile, Above the Groundline (mm) 
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le=Effective Cantilever Length (mm) 

lc=Critical Pile Length (mm) 

 

 

Figure 2.3 Equivalent Cantilever Lengths for Free-Head Piles in a Uniform Soil. 

(Abendroth and Greimann, 1987). 

 

2.2.2.4 Finite Element Analysis 

Structural analysis has historically taken the form of deriving differential equations which 

relate the variables through basic physical principles such as static equilibrium, 

conservation of energy, and Newton’s laws of motion. However, once formulated, 

solving the resulting mathematical models manually is often impossible, especially when 

the resulting models are non-linear partial differential equations such as those describing 

soil/structure interaction. Finite Element Modelling is a discretization technique whose 

basic concept is the subdivision of the mathematical model into disjointed (non-
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overlapping) components of simple geometry called finite elements. The response of each 

element is expressed in terms of a finite number of degrees of freedom characterized as 

the value of an unknown function at a set of nodal points. The response of the 

mathematical model is approximated by the response of the discrete model obtained by 

assembling all elements. Unlike finite difference models, finite elements do not overlap 

in space, but have continuity at their respective boundaries. 

 

2.3 Current Canadian Practices 

2.3.1 FEM-Winkler Method 

Finite Element Modelling of IABs has gained popularity in the past decade; however, it is 

generally only fully utilized on large, complex bridge structures. For these configurations, 

such as long span, super-elevated, or heavily skewed bridges supported on stratified soil, 

three-dimensional FEM is required to accurately represent the behaviour and interaction 

of all components. The soil in this case is represented as a continuum of elements with 

boundary conditions that more accurately represent soil behaviour. This is a time 

consuming and expensive exercise that should be limited to the most challenging 

projects. As a simplified compromise, the superstructure and substructure are commonly 

modelled with beam and plate elements having well established and understood boundary 

conditions; but, the soil medium which encapsulates the structural abutment components 

is often represented as a series of discrete soil springs. So, the analysis is essentially a 

hybrid approach, combining the Finite Element and the Winkler methodologies. Further 

to this, it is common to represent the superstructure/diaphragm/pile frame in simple two 
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dimensional space, with each component being idealized to have the equivalent mass, 

stiffness and damping (when dynamic analysis is required) characteristics of the actual 

assembly. Simplified linear elastic cantilever models and formulae are still used in 

practice to validate detailed computer modelling, and to provide an estimate of pile 

behaviour during the conceptual design stage.    

 

2.3.2 Canadian Highway Bridge Design Code 

The CHBDC CAN CSA S6-14 (Revised in 2016) governs bridge design in Canada, and 

has some sections that have content pertaining specifically to the design of IABs: 

Section 4.6.4 Soil-Foundation-Structure Interaction is contained in the Seismic Design 

section of the CHBDC; however, its Commentary contains useful information on how 

bridges should be modelled to simulate the structure’s response to earthquake loading. 

The principles discussed and methods recommended lend themselves to the design and 

analysis of IABs. The main difference is that in a seismic event, the soil engages the 

bridge structure, while the bridge engages the soil when observing typical IAB 

performance due to thermal, vehicular or wind loading. A section within the commentary 

notes that analyses can be coupled, where the soil, foundation and structure are modelled 

together; or they can be uncoupled, where they incorporate a simplified soil-foundation-

structure system such as a Winkler spring computational model, also known as 

compliance springs. It states that “compliance springs are dependent on the location-

specific soil stratigraphy and properties, and hence vary along the bridge”. An idealized 
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schematic of a soil-pile-structure model with discrete soil springs is presented, and values 

of backfill stiffness for various abutment types are recommended.  

Section 5.5.7 Rigid Frame and Integral Abutment Types is contained in the Structural 

Analysis section of the CHBDC. The Commentary for this section emphasizes the 

importance of considering the effects of structural continuity and stresses induced in the 

various components due to frame action. It also warns that the analysis must consider the 

phases of construction, as load conditions and resisting mechanisms will differ from 

those of a completed IAB. Also contained in the Commentary is the fact that girders are 

typically designed to resist full positive moment as if it they were simply supported, even 

if the magnitude of maximum positive moment will be less considering moment transfer 

at the abutments.  

Section 6.17 Integral and Semi-Integral Abutments is contained in the Geotechnical 

section of the CHBDC, and provides guidance on the design of IAB abutments. It states 

that “the structural analysis of each pile should be carried out using a plausible 

methodology such as i) Equivalent Cantilever Method – where the pile is considered to 

act as a column with a fixed base at some distance below the ground surface, and with 

some degree of fixity occurring at the junction between the pile/abutment connection; or 

ii) Frame/Spring Analysis – application of a structural frame analysis program that takes 

into account the soil-pile interaction by modelling with a series of springs placed along 

the length of the piles.” This section also discusses the need for the top of the pile to be 

encased in a soft medium to promote flexibility. The Commentary goes on to state that 

elastic pile behaviour is commonly assumed for short bridges, but inelastic behaviour can 

be designed for if the piles have adequate ductility. 
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Section 7.8 Reinforced Concrete Buried Structures is contained in the Buried Structures 

section of the CHBDC. It describes the soils to be used for backfill of concrete structures, 

and cross-references a table in section 7.6 which lists the values of secant soil modulus to 

be used for each soil type, at various degrees of compaction. Section 7.6.2.3 of the 

Commentary describes the typical stress-strain relationship in soil, namely that it is non-

linear and inelastic, taking on the form of a hyperbola.  

Based on laboratory and field experience (Duncan et al. 1980; Byrne et al, 1987) 

recommend values of kE (kh) and m (nh). They state that the values of Es published in 

Table 7.5 of the CHBDC are reasonably conservative for all aspects of buried structure 

design. 

 

2.3.3 IAB Design Considerations 

The variation of soil stiffness in cohesive soils due to plastic strain hardening or 

degradation (Matlock, 1970); and densification of cohesionless soils (Gle and Woods, 

1984) caused by cyclic action affects the behaviour of IABs over time, and should be 

accounted for in the design process. This consideration has led to designers specifying 

that certain foundation conditions be created to ensure IAB movement would not be 

overly restrained over time, and that a reduction in soil support create structural 

instability. These manufactured abutment configurations are those where natural soil 

conditions are replaced with a combination of manufactured aggregate and synthetic 

materials, all of which have parameters that are well understood. For instance, the 

designer may recommend that bedrock excavation and ensuing engineered backfilling be 
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performed prior to pile driving to ensure that pile fixity can be achieved. Designers often 

specify piles be oriented in weak-axis bending to facilitate abutment translation and 

rotation. Another common recommendation is that the top portion of each pile be encased 

in a loose medium such as pea gravel or pellets of polystyrene to promote flexibility. The 

latter has been implemented on several bridges owned by Alberta Transportation, 

including the Bear Creek and House River bridges on Highway 63. The pellets provide a 

minimal, uniform lateral pressure on the top portion of the piles, and ensure the stiffness 

within this zone remains relatively constant over time, and through variable climatic 

conditions. Another proposal to reduce friction and to limit bearing pressure on the 

underside of the pile cap is to install two horizontal layers of rigid insulation (which also 

serve as a form to prevent the infiltration of plastic concrete into the pile encasements). It 

also provides extra insulative protection against frost bridging into the pile encasement 

zone. As a last example, a layer of semi-rigid closed-cell compression foam may be 

specified to be placed on the backside of the abutment wall to ensure the passive 

resistance of the backfill soil does not overly restrain abutment rotation and translation. It 

also insulates the backfill from cold-bridging through the abutment face, thus reducing 

frost penetration into the backfill zone. All the measures described above, except weak 

axis pile bending, were specified and implemented on the Scoudouc bridge. 

 

2.4 Recent Studies and Ongoing Research 

Recent work by El Naggar et al. (2016) has focused on the Hardened Soil Model used to 

describe the behaviour of soil during the loading-unloading cycles which are 

characteristic of IABs. The Mohr-Coulomb soil model is one that many engineers have 
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historically used to describe soil-pile interaction; however, it is limited because it 

represents the soil as being elastic-perfectly plastic. The hardened soil model exemplifies 

the non-linear, hysteretic stress-strain relationship that is indicative of soil-structure 

systems that are subjected to cyclic loading. Using this theory, they predicted the stresses 

in the soil mass behind an instrumented IAB in New Brunswick, and forecast the earth 

pressures on the IAB’s abutment wall. Their predictions were then compared to field 

measurements taken on the subject IAB. The hardened soil model results, when 

compared to the field measurements which were taken over a three-year period, agreed 

within a maximum error of 11.5%. This variance is substantially lower than the 

maximum 34% error when the Mohr Coulomb theory was used. Their work shows that 

the Hardening Soil Model can effectively simulate the non-linearity and hysteresis of soil 

behaviour when subjected to cyclic loading and unloading. 

The bridge whose behaviour was modelled in the work described above, was the subject 

of a field study, during which Huntley and Valsangkar (2013) instrumented and studied 

the abutment movements and resulting abutment wall stresses over a three-year period. 

Field data from pressure cells, tilt meters and deformation meters installed behind the 

abutments of a 76m, two span, pile supported IAB showed that the application of typical 

Coulomb and Rankine theoretical passive earth pressure triangular distribution along the 

abutment wall was conservative. Though the recorded pressures near the top of the wall 

reached the passive pressure values, those at the centre and bottom of the abutment wall 

were much less. This is somewhat surprising as the primary mode of abutment movement 

for this specific bridge was found to be translation and not rotation. Broms and Ingelson 

(1971) considered IAB abutment rotation and developed a method by which the passive 
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earth pressure was limited to the top 1/3 of the abutment wall, then transitioned linearly 

to the active earth pressure at the base of the wall. Huntley and Valsangkar’s measured 

wall pressures at mid and lower pressure cells were even less than estimates using Broms 

and Ingelson’s method. The average pressure variation over the entire study period 

ranged from 50.1 to 58.6kPa for the east abutment, and 39.0 to 96.9kPa for the west 

abutment. The trend of abutment wall stress variation followed the diurnal and seasonal 

changes in ambient temperature, as expected; however, no ratcheting trend was observed, 

as some researchers such as Brena et al. (2007) had identified in earlier studies of IAB’s.   

Huntley and Valsangkar (2014) expanded their study of the subject IAB to focus on pile 

bending and axial stresses caused by thermal expansion and contraction. Piles at each 

abutment had been fitted with strain gauges at 750mm, 1500mm and 2250mm down from 

the pile heads, and the recorded strains were converted to stress, and finally bending 

moment. The measured moments were compared to those of Winkler based models found 

in the Canadian Foundation Engineering Manual, and agreed with the predictions within 

reasonable accuracy when published values of nh were used. The bottom strain gauge 

readings were opposite in sign from those above, which indicated that the point of 

curvature inflection was between the middle and bottom gauges. The Winkler models 

predicted a lower point of inflection; however, both the models and measurements 

showed that the piles in the weak-axis orientation were behaving as long piles with 

representative contra-flexure. The measured maximum stresses in the piles due to 

bending caused by thermal expansion and contraction ranged from 17% to 28% of the 

pile’s yield stress of 300MPa. In addition to bending stresses, they measured axial stress 

variations in the piles due to thermal expansion and contraction of the bridge. They 
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observed that the piles were subjected to additional compressive forces during bridge 

contraction, and tensile forces when the bridge expanded. It is believed that during 

contraction, the soil pressure on the abutment wall approaches the active state, and the 

downward movement of the active soil wedge combined with the friction on the back of 

the wall result in a vertical force vector acting downward. Conversely, when the bridge 

expands, the soil pressure approaches the passive state, and the abutment wall pushes the 

passive soil wedge upward along the shallower critical shear plane, thus pulling on the 

piles. It is noteworthy to mention that the abutment wall friction tends to reduce the wall 

movement in this case; however, once the friction force is overcome, the wall will slide 

along the soil interface.     

A study was conducted by Huang (2011) to define modified P-Y curves to be used to 

predict the behaviour of a laterally loaded pile in a soft clay that had been structurally 

improved. The top portion of the surrounding soil had been mixed with cementing agents 

to increase its stiffness to reduce the lateral pile deflection when subjected to lateral 

loading. Lateral deflections were reduced up to 480% in small-scale load tests, and up to 

79% in full-scale load tests. This is consistent with the philosophies of Davisson and Gill 

(1963), who concluded that the near surface horizontal subgrade modulus was the 

controlling factor for pile response, and that soil investigations and characterizations 

should be focused on this zone. Huang supported the use of Winkler methodology as a 

versatile and practical approach; however, he had determined that the traditional method 

could not be used due the non-homogeneity of the soil (improved soil radially surrounded 

by un-improved soil). Therefore, he presents a method of modifying P-Y curves that are 

typically developed by following procedures such as those published by Matlock (1970) 
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for the response of piles in soft clay, or Reese and Welch (1975) for the response of piles 

in stiff clay. Huang’s method involved coupling two non-linear soil springs in series to 

represent the stiff improved clay and soft un-improved clay, and adjusting the stiffness to 

reflect the soil deflection attenuation at the front of the pile. The modified P-Y curves 

predicted the pile response accurately when compared to actual field measurements.   

Kim et al. (2015) investigated six (6) methods of analyzing a 128m 3-span IAB for 

stresses induced by thermal movements. These included 1) Free Expansion, 2) Empirical 

Approximate, 3) 2D Static Analysis, 4) 2D Time History, 5) 3D Static Analysis, and 6) 

3D Time History. The Free Expansion technique is recommended by AASHTO, and 

simply requires as inputs the girder coefficient of thermal expansion and length of bridge. 

It assumes that the pile heads will deflect by half of the thermal throw of the bridge 

girders, and it neglects the resistance of backfill. The pile is idealized as a free-standing 

cantilever with a fixed head, and length equal to that estimated by Abendroth and 

Greimann (1987). This method is crude, and should only be used for preliminary 

estimates of pile head deflection, shear and moment. The Empirical Approximate method 

was developed by Kim and Laman (2010a) after conducting parametric studies of 243 

IAB’s that incorporated a 2D, non-linear, time history analysis for a 75-year bridge life. 

Only five input variables are required, namely 1) the bridge thermal expansion 

coefficient, 2) the bridge length, 3) the backfill height, 4) the soil-pile stiffness, and 5) the 

backfill stiffness. This method does not consider time dependent concrete effects such as 

shrinkage or creep. The 2D Static Analysis idealizes the superstructure and substructure 

as a frame with representative elemental characteristics such as mass and stiffness. The 

backfill soil is represented as a classic Rankine triangular distribution of passive soil 



32 

pressure, and the soil surrounding the piles is represented by discrete non-linear springs 

defined by P-Y curves. The 2D Time History method is similarly modelled, except with 

hysteresis loops to represent the loading and unloading of the soil as the variations in 

thermal movements are continuously generated by a sinusoidal function. The 

unrecoverable deformation characteristics of the modelled soil must also be included to 

accurately mimic the system’s cyclic behaviour over the 75-year life expectancy of the 

bridge. An elasto-plastic P-Y curve proposed by Taciroglu et al. (2003), which can 

incorporate the elasto-plastic behaviour by generating an unloading branch using classical 

plasticity theory, was implemented in the abutment–backfill and soil-pile interaction 

models. The 2D models provide reasonable results; however, they do not allow the 

assessment of individual components as the system is idealized as an “average”.  The 3D 

Static Analysis and 3D Time History models can re-distribute stresses across the deck or 

diaphragms; therefore, these more closely represent the actual mechanics of IAB’s. The 

3D Time History model produced the most accurate results when compared to the field 

measurements of IAB bridge responses. These methods were validated based on, and 

calibrated to, results obtained from a 7-year field measurements collection program at 

four IABs with lengths of 19 to 128m.  

Abendroth and Greimann (2005) conducted field tests on two prestressed concrete girder 

IAB’s over a period of two years, with a focus on thermally induced stresses. They found, 

among other things, that the stress in at least one abutment pile exceeded the yield stress, 

and that the girder-abutment and abutment-pile connections behaved as rigid joints. The 

experimental data was used to calibrate and refine FEM’s of the bridges. Two analysis 

methods are presented to predict the member-end forces for the piles and girders and the 
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soil pressures and soil-frictional forces that act on an integral abutment, when an integral-

abutment bridge is subjected to gravity and thermal loadings. The first analysis method 

involves the use of two-dimensional, frame models of an integral-abutment bridge. The 

second analysis method does not require the use of a structural model for the entire 

bridge. This analysis method considers that the member-end forces for the abutment piles 

are based on the maximum resistance for each pile, and that the maximum soil pressures 

and the corresponding soil-frictional forces are based on full-passive-soil resistance. Both 

analysis methods include the effect of soil settlement from the bottom of the abutment-

pile cap and the application of equivalent-cantilever lengths for the abutment piles. These 

equivalent cantilever lengths were calculated by using the method developed by 

Abendroth and Greimann (1987). Abendroth and Greimann (2005) also state that 

maximum IAB bridge length may be limited by the pile ductility limit state. To maximize 

the ductility capacity for an abutment pile, the upper portion of the pile length should be 

in a pre-bored hole that is filled with a material which has very low stiffness, such as a 

bentonite slurry, and the pile should be oriented in weak-axis bending. One of their 

recommendations is that further experimental studies be conducted on long-span, steel 

girder IAB’s to obtain a better overall understanding of the behaviour of IAB’s. 

A study was conducted by Cook and Abendroth (2010) during which a 94m, 3-span, steel 

girder IAB was instrumented and surveyed for movements due to thermal forces. The H-

Piles were oriented in weak-axis bending, and the abutment configuration was unique in 

that the bottom portion of the steel H-piles were cast in concrete shafts, instead of being 

driven in soil, and the top 5.8m were backfilled with gravel. This was done to eliminate 

excessive vibration during pile installation. Another item to note is the fact that an error 
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was committed during construction, and HP10x87 piles instead of HP12x84 piles were 

installed at the north abutment. Greater movement was measured at the north abutment 

(0.84 in.) compared to the south abutment (0.56 in.), and this was partly attributable to 

the lower soil-pile system stiffness at the north abutment. Another contributing factor was 

that the north abutment was narrower than the south abutment; therefore, the resistance 

due to the granular backfill was less. The author also notes that the maximum overall 

change in bridge length is 2.50 in.; therefore, one must assume that the spans are simply 

supported, and expansion joints between spans accommodate the difference between the 

2.50 in. and 1.44 in. A simple equivalent cantilever computational model by Abendroth 

and Greimann (2005) (which is the same model that Greimann introduced in 1987) was 

used to estimate the pile bending moments, and these compared well with the moment 

values that were calculated with measured pile strains. The measured strains 450mm 

above the shafts and 450mm below the abutments were similar in magnitude; however, 

they had opposite signs, which is indicative of pile contra-flexure. This is also consistent 

with the Abendroth and Greimann cantilever model of fixed-head condition.   

 

2.5 Scoudouc Bridge 

2.5.1   General Arrangement 

The Scoudouc bridge is a fully integral abutment, 133m continuous three-span, steel plate 

girder bridge with a composite concrete deck designed to carry Scoudouc Industrial Drive 

traffic over Route 15 near Moncton, New Brunswick. One half of the symmetrical 

elevation of the bridge is depicted in Figure 2.4. 
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Figure 2.4 Partial Elevation of Scoudouc Bridge. (NBDTI, 2009) 

The design life of the bridge is 75 years. The concrete abutments are founded on steel H-

piles, while both concrete piers’ footings bear on sandstone bedrock. The overpass 

crosses Route 15 at a right angle, so there is no skew nor super-elevation to the bridge. 

The bridge deck has a 1.9% slope, and 3.0% crown. A cross-section of the bridge is 

shown in Figure 2.5. 

 



36 

 

Figure 2.5 Cross-Section of Scoudouc Bridge. (NBDTI, 2009) 

The bridge is owned and operated by the New Brunswick Department of Transportation 

and Infrastructure (NBDTI). The structural design was conducted by Roy Consultants of 

Bathurst, New Brunswick, with the support of the Engineering Department of NBDTI.  

At the time of writing, the Scoudouc bridge was the longest fully integral abutment 

bridge in New Brunswick. 

The abutment configuration is shown in Figure 2.6. 
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Figure 2.6 Abutment Configuration of the Scoudouc Bridge. (NBDTI, 2009) 

 

2.5.2 Site Geology 

The site is generally well-drained with rolling topography, with no indication of a water 

table in any of the ten (10) test boreholes. The top layer of silty or gravelly sand varies in 

thickness from 1m to 2m. The sand overlays a layer of brown sandstone which varies in 
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thickness from 2m to 6m. A grey, bedded sandstone underlies the brown sandstone, and 

is present at the bottom of all boreholes. The shallowest borehole was advanced to 6m 

from the natural ground surface, while the deepest was terminated at 9m depth. 

The Standard Penetration Test (SPT) values in the sand ranged from a low of 8, to a high 

of greater than 50 at the brown sandstone interface. The Rock Quality Designation 

(RQD) within the brown sandstone varied from a low of 0, to a high of 34, while that in 

the underlying grey sandstone varied from a low of 0 to a high of 43. 

The Scoudouc bridge borehole logs, along with a key map of their locations, can be 

found in Appendix A. 

  

2.5.3 Design Approach 

The bridge pile foundation was designed by Roy Consultants of Bathurst, New 

Brunswick, to the Canadian Highway Bridge Design Code CAN CSA S6-06 using a 

hybrid FEM and Winkler approach. A model of the superstructure and substructure was 

created, and soil springs were added to the piles and diaphragm to simulate SSI. Due to 

the large anticipated thermal movements at the abutments, the piles were oriented in 

strong-axis bending to avoid yielding. Due to the shallow sandstone bedrock, it was 

decided to recommend bedrock excavation to a depth of 9m below the bottom of the 

diaphragm, such that pile fixity could be achieved. The pile tips bear on sound sandstone 

bedrock (see Figure 2.6).  The soil-pile system was designed to be flexible in the upper 

3m by encasing the piles in 800mm diameter corrugated steel pipes and infilling with 

“uniformly graded aggregate in a loose un-compacted state after pile driving”. (The 



39 

contractor installed 8mm pea gravel in the sleeves). The 2m thick layer immediately 

below the sleeves is Type A Engineered Granular Fill compacted to 95% Standard 

Proctor Dry Density, while the lower portion of the piles are embedded in Type B 

Engineered Granular Fill compacted to 95% Standard Proctor Dry Density. It is assumed 

that these soil types are consistent with the Canadian Highway Bridge Design Code CAN 

CSA S6-14 Soil Groups I and II, respectively, as described in Table 7.4 Soil 

Classifications. The abutment backwall and wingwalls are backfilled with Borrow D 

material, which consists of 75mm-minus gravel compacted to 95% Standard Proctor Dry 

Density, with geogrid placed at every 600mm lift.  A closed-cell compression foam in a 

single 75mm layer was specified to be installed on the inside face of the abutment 

diaphragm and wingwalls to reduce the effects of passive soil pressure and friction during 

translation and rotation of the abutment wall. To reduce the bearing pressure on the 

bottom of the abutment diaphragm, and to reduce frictional forces at the soil-abutment 

interface, the designer specified that two layers of 50mm extruded polystyrene rigid 

insulation be installed.  

 

2.5.4 Construction 

The construction sequence for the lower portion of each abutment diaphragm began with 

the foundation excavation, including the overburden and the bedrock, to approximately 

8m below the abutment diaphragm. A well graded granular backfill was used to backfill 

each excavation to 3m below the abutment diaphragm, and corrugated steel pipes were 

stood plumb at each pile location, and braced on top of the fill. Backfilling operations 

resumed around the corrugated steel pipes, up to the top of the pipes. A pile was driven 
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concentrically within each pipe, to refusal, and then was cut-off 0.8m above the top of the 

pipe (approximately at the bottom of the diaphragm). Uniformly graded 8mm pea gravel 

was placed in pipes, and a steel pile cap was welded to the top of each pile. Two layers of 

rigid insulation were placed on the backfill, to cover the diaphragm footprint, with only 

the H-piles protruding. The lower abutment diaphragm back form was erected, and steel 

reinforcing bars were installed around the piles and the abutment diaphragm. The lower 

abutment diaphragm side forms and front form were installed, and the steel reinforcing 

bars were secured. Finally, the lower abutment diaphragm, including temporary seats, 

was poured.   
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Chapter 3 - Field Tests 

3.1 Preliminary Pile Tests 

A preliminary test was conducted at the Picadilly Potash Mine in Sussex, New 

Brunswick, on a pile (T-3024) that had been driven to support a salt shed. A Pile Driving 

Analyzer was used to measure the strain in an HP 360x132 pile that was subjected to a 

lateral head load. A hand-operated hydraulic jack was anchored to the back of an 

excavator bucket to conduct a static push test in the weak-axis direction. Head deflection 

measurements were taken with a transit and graduated ruler. 

The piles were driven into a silty sand soil, and unlike the piles at the Scoudouc bridge, 

they were not encased in a steel sleeve filled with uniform, loose aggregate. The results 

of the west lateral load test on pile T-3024 demonstrated that the soil-pile system’s head 

stiffness had an initial linear response of 32100kN/m over the first 1 mm of deflection, 

then lost stiffness but remained linear (R2=0.96) at an average of 7686kN/m up to 17mm 

of head deflection. The results of the east lateral load test on pile T-3024 demonstrated 

that the soil-pile system’s head stiffness had an initial linear response of 22900kN/m over 

the first 1 mm of deflection, then lost stiffness but remained linear (R2=0.99) at an 

average of 8321kN/m up to 19mm of head deflection. Figures 3.1 and 3.2 show the 

results of the static push test of pile T-3024 in the West and East directions, respectively. 
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Figure 3.1 Response to Static Push Test of Pile T-3024 in the West Direction. 

 

 

Figure 3.2 Response to Static Push Test of Pile T-3024 in the East Direction. 
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Each lateral load test graph exhibits a marked increase in stiffness at 1mm of head 

deflection. This may be due to the densification of soil as the lateral soil pressure 

increased from an at-rest condition to a passive condition, up to an ultimate soil pressure 

at its yield point. The pile response beyond this yield point is less stiff and linear.  

The push test in the West direction ended with a residual head deflection of 3mm upon 

unloading, and the push test in the East direction ended with a residual head deflection of 

1mm upon unloading. The residual deflection may be caused by the infill of soil on the 

back-side of the pile as it is pushed forward, preventing the pile from returning to its 

initial position. This pile was driven into a silty sand; therefore, it is assumed to have 

some cohesion (borehole data was only available information, and is included in 

Appendix C). This may explain why the residual strain after the first test (3mm) was 

greater than that after the second test (1mm), which marked the completion of the first 

full cycle. Also, soil friction along the sides of the pile may be resisting the sum of the 

elastic rebound of the pile and the active soil pressure as the pile moves away from the 

yielded soil as the load is released. The results from these preliminary tests are tabulated 

in Appendix C. 

 

3.2 Scoudouc Bridge Pile Push Tests 

3.2.1 Test Setup  

Lateral pile push tests were conducted on four (4) piles at the Scoudouc bridge to 

measure the soil-pile system stiffness. These are pile P5N, P10N, P5S and P10S. Figure 
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3.3 shows the location of the P5N and P10N piles at the north abutment. Piles P5S and 

P10S are mirror reflections of these, located at the south abutment.  

 

Figure 3.3 Location of piles P5N and P10N. (NBDTI, 2009) 

 

A PAX Pile Driving Analyzer, in-line pressure gauge, and survey transit were used to 

measure the lateral response of an HP310x132 pile that had a lateral load imparted on its 

head in the strong-axis direction. As mill certificates or material test records were 

unavailable, the moment of inertia in strong axis bending, Ix, was assumed to be 

293.0x106 mm4, and Young’s modulus of elasticity, E, was assumed to be 205x106kPa. 

These values were obtained from the STAAD.Pro database, which includes typical 

imperial steel mill values, and were converted to metric.  

The adjacent HP310x132 piles were used as reaction piles, and an HP310x132 beam 

provided the jack support at 0.45m below the top of the pile. The piles were separated 

horizontally by 1m. Two hand-operated hydraulic jacks were positioned between the 

jacking beam and adjacent reaction piles to push the pile, and a transit was used to 
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measure pile head deflection. A strain gauge connected to a PAX Pile Driving Analyzer 

measured the extreme fibre bending strain at approximately 1m below the pile head. The 

jack was pressurized until the first head deflection increment of 2mm was reached, and 

the pressure gauge and strain gauge readings were recorded. This process continued until 

a free head deflection resulting in a pile bending stress equaling approximately half of the 

yield stress was reached. The maximum lateral head load was estimated by using Brom’s 

solution, which uses Rankine’s passive soil pressure coefficient in combination with 

beam theory to limit the head load. 

A photo showing the general test configuration, as well as schematic plan and elevation 

views with dimensions and components of the test apparatus are shown in Figures 3.4, 

3.5, and 3.6 respectively.  

 

Figure 3.4 Photo of Test Configuration for Static Push Test of Pile P5N. 
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Figure 3.5 Plan View of Test Configuration for Static Push Test of Pile P5N. 

 

 

Figure 3.6 Elevation View of Test Configuration for Static Push Test of Pile P5N. 
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3.2.2  Test Results 

The P5N pile head was pushed incrementally over a range of 54mm, at 2mm increments. 

The values of pile strain and head load were measured at each increment, and duly 

recorded. 

The results of the static push test on P5N are displayed in tabular form in Appendix D, 

and graphically in Figure 3.7.  

 

 

Figure 3.7 Response to Static Push Test of Pile P5N. 

 

The results of the lateral load test on pile P5N demonstrated that the soil-pile system’s 

head stiffness had an initial linear response of 10300kN/m over the first 2 mm of 
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deflection, then lost stiffness but remained linear (R2=0.99) at an average of 2589kN/m 

up to 54mm of head deflection. The pile head had a residual head deflection of 16mm 

upon unloading. The measured bending stress (MPa) in the pile, 1m below the pile head 

and 0.55m below the point of load application, was 4.3, 10.7, 18.3, 25.3, 32.1, 39.1 and 

41.9 for head deflections (mm) of 2, 10, 20, 30, 40, 50, and 54 respectively.  

Pile P10N had a lateral test performed on it; however, a heavy rain and flash freeze event 

occurred in the days leading up to the test, and this created a frozen, and very stiff layer 

of pea gravel at the top of the Corrugated Steel Pipe (CSP) sleeve. A graph of the 

measured head deflection caused by an increasing lateral head load is shown in Figure 

3.8.  

 

Figure 3.8 Response to Static Push Test of Pile P10N. 
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The results of the lateral load test on pile P10N demonstrated that the soil-pile system’s 

head stiffness had an initial linear response of 25200kN/m over the first 2 mm of 

deflection, then lost stiffness but remained linear (R2=0.98) at an average of 3240kN/m 

up to 56mm of head deflection. The pile had a residual head deflection of 15mm upon 

unloading. 

A photo of a crack forming around the steel sleeve encasing pile P10N during the lateral 

load test is presented in Figure 3.9. 

 

 

Figure 3.9 Crack Forming Along the Perimeter of Steel Sleeve of Pile P10N. 
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Piles P5S and P10S had lateral load tests performed; however, the electronic files 

containing the strain measurements were lost before a copy could be created. Graphs of 

the measured head deflection caused by an increasing lateral head load are shown in 

Figures 3.10 and 3.11, respectively. 

 

 

Figure 3.10 Response to Static Push Test of Pile P5S. 

 

The results of the lateral load test on pile P5S demonstrated that the soil-pile system’s 

head stiffness had an initial linear response of 9450kN/m over the first 2 mm of 

deflection, then lost stiffness but remained linear (R2=0.99) at an average of 3942kN/m 

up to 40mm of head deflection. The pile had a residual head deflection of 9mm upon 

unloading. 
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Figure 3.11 Response to Static Push Test of Pile P10S. 

 

The results of the lateral load test on pile P10S demonstrated that the soil-pile system’s 

head stiffness had an initial linear response of 6300kN/m over the first 2 mm of 

deflection, then lost stiffness but remained linear (R2=0.98) at an average of 3990kN/m 

up to 47mm of head deflection. The pile had a residual head deflection of 10mm upon 

unloading. 

Due to the loss of strain data for piles P5S and P10S, and the frozen pea gravel infill at 

pile P10N, the field test results for pile P5N will be assumed to be representative of all 

piles, and will be used to perform the various analyses in this paper. It is also the reason 

why pile P5N was chosen to be instrumented for the live load test.   
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  Table 3.1 displays the results from the Scoudouc lateral pile tests, for comparison. 

Table 3.1 Results of Scoudouc Lateral Load Tests. 

  Initial Subsequent Maximum Residual % of 

Pile Stiffness Stiffness Deflection Deflection Maximum 

  (kN/m) (kN/m) (mm) (mm) Deflection  

5N 10300 2589 54 16 30 

10N 25200 3240 56 15 27 

5S 9450 3942 40 9 23 

10S 6300 3990 47 10 21 

 

The values of initial stiffness were greater at the north abutment than they were at the 

south abutment; however, the subsequent stiffnesses beyond a head deflection of 2mm 

were greater at the south abutment. The highest value of initial stiffness was 25200kN/m, 

observed at P10N, which had a frozen top layer of pea gravel 0.35m deep. The lowest 

initial stiffness was 6300kN/m, observed at P10S. Once the soil-pile systems were 

mobilized beyond 2mm of head deflection, the range of stiffnesses decreased, and a low 

value of 2589kN/m was observed at P5N, while a high value of 3990kN/m was observed 

at P10S. The variation in initial stiffness could be due to gradation, moisture and 

temperature differences in the pea gravel infill upon application of the load, as well as 

differences in the state of aggregate interlock within the infill matrix upon load 

application. The differences in the subsequent stiffnesses may be attributable to the 

variation in gradation and density of the soils underlying the pipe sleeves. 

When comparing the values of residual deflection from the Picadilly tests and Scoudouc 

tests, one notices that the residual deflections observed during the former (2mm average) 

were much smaller than those of the latter (12.5mm average). This may be attributable to 

the difference in cohesion of both soils. The Picadilly soil is a silty sand with a small 
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fraction of clay and silt particles (no gradation results available); therefore, it most 

certainly has some cohesion to prevent the soil from falling into the void left by the pile 

advancement. On the contrary, the soil at Scoudouc is a very clean, uniform gravel that 

has no clay or silt fraction. This soil is susceptible to collapse when the confining stress is 

remove, such as on the backside of the moving pile.   

All subsequent stiffness values beyond a 2mm head deflection exhibit linear behaviour. 

Considering the soil contributes to the stiffness of the soil-pile system (as evidenced by 

the residual deflections noted earlier), and that soil usually exhibits non-linear behaviour 

at high strains, this is somewhat surprising. One thought is that the soil particles are 

constantly re-arranging themselves with the advancement of the pile within the steel 

sleeve, and that the normal and shear contact stresses increase linearly during the process. 

There may exist a “flow” of particles from the front of the pile to the CSP interface, then 

split to follow the inside perimeter of the CSP sleeve, to finally rest at the backside of the 

pile once the push is completed. This hypothetical phenomenon is beyond the scope of 

this work, and should be investigated further in an independent study.  Also, it was 

assumed that the interaction between the reaction piles and test pile is insignificant, and 

has a negligible influence on the test results as they are encased in a sleeve which is filled 

with a loose medium. This should be studied further to confirm whether or not this degree 

of isolation is adequate, or if the pile group effect should be considered and a factor 

applied to the results.    

Pile P5N was chosen to be instrumented, and represents all piles in modelling, because 

the south abutment was constructed before funding could be secured, which eliminated 

piles P5S and P10S (strain data was also lost). Also, pile P10N and the pea gravel infill 
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had frozen; therefore, it would not be representative of typical pile behaviour. Two strain 

gauges were installed at 1.0m below the pile head, on opposite faces of the pile (see 

Figure 3.15) such that axial and bending strains could be differentiated. 

 

3.3 Scoudouc Bridge Live Load Test 

3.3.1 Test Setup 

A live load test was conducted on the north half of the bridge to measure deck deflection 

and incremental pile strain under vehicular loading. It was decided to conduct a live load 

test on only half of the bridge as it is symmetrical about the middle of its centre span, and 

the north half was chosen because only pile P5N, located at the north abutment, was 

instrumented. A fully-loaded end-dump gravel truck having a mass of 41460kg 

incrementally moved along the centerline of the bridge, while deck deflection and pile 

strain were measured. This test truck configuration was chosen because gravel hauling 

activities were being carried out near the site, and this was the heaviest truck 

configuration that was available. Though a formal analysis had not been conducted prior 

to the live load test, it was thought that the truck was heavy enough to deflect the deck to 

measure with the level and rod, and distribute stresses to the instrumented P5N pile. A 

schematic of the idealized live load test vehicle and photo of the test configuration are 

shown in Figures 3.12 and 3.13, respectively. 
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Figure 3.12 Schematic of Idealized Live Load Test Vehicle. (AASHTO Standard 

Specifications for Highway Bridges, 2002, with modifications) 
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Figure 3.13 Photo of Scoudouc Live Load Test Configuration. 

 

The deck deflection was measured adjacent to the rear driving axle with a survey level 

and grade rod. The P5N pile strains were measured with a PAX Pile Driving Analyzer 

(see Figure 3.14) that was connected to the leads from two strain gauges that had been 

installed during construction. The strain gauges are located on opposite faces of the pile, 

1m below the pile head. A thermometer was also installed on P5N with the intent of 

recording temperatures at the location of the strain gauge; however, the thermometer 

malfunctioned and no temperature readings were taken (see Figure 3.15). The goal was to 

monitor the temperature of the pile sleeve infill to establish how long it would remain in a 

frozen state once the backfill was installed and insulated the infill. It is conceivable that a 

climatological event, such as the flash freeze that occurred prior to the P10N pile test, 

could happen again. This could result in an increased soil-pile stiffness that would exist 

during construction period thermal expansion and contraction cycles, or even once the 

bridge opens to traffic.     
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Figure 3.14 Data Logger Indicating Strains on Pile P5N. 

 

 

Figure 3.15 Strain Gauges and Wireless Thermometer Installed on Pile P5N. 
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A braking test was also conducted on the bridge, where the truck drove on the deck at a 

speed of 60km/m, and stopped within 30m. The assumption was that the deceleration was 

uniform over the stopping distance. The theoretical stopping time of 3.6 seconds matched 

field observations. Considering the stopping time, and a change in velocity from 60km/h 

to 0km/h, the deceleration was -4.63m/s2. The product of this deceleration and the mass 

of the truck, or 41460kg, resulted in a braking force of 192.0kN. This compares well with 

the CHBDC lane braking load of 299.7kN for the Scoudouc bridge, considering the test 

truck weighs approximately 2/3 of the CHBDC CL-625 tuck.   

 

3.3.2 Test Results 

The maximum measured deck deflection was 11mm, measured at the rear driving axle, 

while the truck was moving southward. This occurred 26m from the north end of the 

bridge, as the front axle of the truck was 32m from the north abutment. It should be noted 

that measurements were taken at the rear driver axle of a tandem pair of axles, and the 

distance from the centre of the tandem axles to the front axle was 4.9m, while the 

distance between axles comprising the tandem pair was 1.3m.  Figure 3.16 shows the 

truck’s placement at maximum deck deflection.  



59 

 

Figure 3.16 Truck Position and Direction at Maximum Deck Deflection. 

Measurements were taken 1.8m from the centreline of the bridge, outside of the truck’s 

footprint. The associated incremental pile stress due to the truck load was -4MPa 

(indicating tension) on the north face of P5N, and +6MPa on the south face. This 

represented the maximum range of incremental tensile and compressive stresses on pile 

P5N for the entire live load test, and can be interpreted as 1MPa of axial compression 

plus/minus 5MPa of bending stress. In turn, these values of stress are used to calculate a 

maximum measured axial force of 16.7kN and a maximum bending moment of 9.5kNm. 

It was noted that the stresses remained as such, even once the truck drove off the bridge. 

This either indicated that there was residual strain in pile P5N, or that the strain gauge 

malfunctioned. This residual deflection may be attributable to the loose pea gravel filling 

the void on the backside of the pile as it advanced, as described in Section 3.2.2, 

considering this was the first vehicular crossing of the bridge. Monitoring of the long-
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term pile strain after removal of the vehicular load was not performed as this was beyond 

the scope if this work. Further studies should be conducted to confirm the variation of the 

residual deflection with time. 

The effects of the horizontal load due to the braking test were undetected by the pile P5N 

strain gauge. This may be due to the lower-limit strain threshold of the gauges. The 

expected measured microstrain for an estimated lateral fixed pile head deflection of 

0.063mm is 1.4 microstrain, and the calibration for these gauges entails applying a range 

of 0 microstrain to 1340 microstrain and observing the output voltage (see Appendix J for 

calibration sheets). The expected value only represents 0.2% of the average calibrated 

value; therefore, it is very possible that the actual strains were not able to be measured by 

the gauges.     

The results of the static deck deflection test are displayed in Appendix E. 

The measured deck deflections due to the truck load are presented in Figure 3.16 below: 

 

Figure 3.17 Measured Deck Deflections due to Truck Load. 
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The measurements were taken at the rear drive wheel, and 1.8m from the centerline of the 

bridge, while the truck drove from the north abutment towards the south abutment. The 

north end of the bridge deck is shown in Figure 3.16, as the bridge is symmetrical and the 

live load test was conducted on approximately half of the bridge only. Only 48m of the 

deck is shown in Figure 3.15 because the survey data from 50m to 66m had some 

uncertainty, as a backsight reading for a turning point was questionable. Also, the reading 

at 34m from the north abutment is thought to be faulty, and should be ignored when 

comparing the measured deflection with the modelled deflection later in Section 5.2. The 

variation in measured deflections from the best-fit trendline may be attributable to the 

precision of the survey equipment used to conduct the test. An automatic level and field 

rod with 2mm increments was used, and deflections were noted to the nearest millimetre. 

Also, the test required that turning points be established to move the level closer to the 

test truck, and some error may have been incurred due to this.    
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Chapter 4 - Soil - Structure Interaction Models 

4.1 Elastic Continuum Methods 

4.1.1 Broms Static Equilibrium Solution 

A soil-strength-based approach, based on work by Broms, was used to calculate a 

theoretical ultimate lateral load, Pu, of 312kN that could be applied to the pile P5N before 

reaching failure of the soil-pile system. This approach was used to estimate a safe lateral 

load for the pile tests, while trying to maximize soil engagement. In the absence of 

laboratory or in-situ soil parameter measurements, it was assumed that the soil had an 

effective soil friction angle of 28 degrees and effective unit weight of 18kN/m3. The 

effective friction angles are the average of values published in Carter and Bentley (1991) 

and Peck et al. (1974) for loose sand.  The effective unit weight for loose sand was 

obtained from Lindeburg, (1991).  The calculations are shown in Appendix F. 

 

4.1.2 Hetenyi Differential Equation 

Two solutions to the Hetenyi fourth order equation for a free-head pile P5N at the 

Scoudouc Bridge, representing an embedded pile in a soil with an equivalent soil stiffness 

ke of 10538kN/m3, are presented in Appendix B. The first solution considered only the 

deflection of 37mm at groundline to calculate a maximum bending moment of 164.6kNm 

at 2.5m below the groundline, then simply superimposed the groundline moment of 

85.7kNm (155.8kN x 0.55m) to obtain a maximum moment of 250.3kNm. The second 

solution added the groundline bending moment as a boundary condition, and the equation 

was re-solved to obtain the maximum moment of 198.8kNm occurring at 2.0m below the 
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groundline, with a pile head deflection of 54mm. These results are within 25.9% of each 

other, and demonstrate that the concept of superposition can be applied to obtain a 

reasonable value of maximum pile bending moment, while solving the equation with an 

initial boundary condition of applied pile head moment yields an unconservative result.   

 

4.1.3 Poulos and Hull Linear Elastic Solution 

Elastic continuum theory, based on Poulos and Hull’s work, was used to calculate a pile 

head deflection of 22mm and maximum moment of 267kNm in pile P5N when a lateral 

head load of 155.8 kN was applied. An equivalent kh of 10538kN/m3was calculated by 

equating the second moments of area about a datum which represents the ¼ wavelength 

of the assumed pile curvature (ie Lo=Lc/2). A critical pile length Lc of 6.13m was 

calculated. The iterative procedure is outlined in Section 2.2.2.3. The magnitude and 

variation of kh along the length of the pile was determined by assuming published values 

of soil stiffness, then adjusting these and best-fitting the pile to measured deflections and 

stresses. Autocad ™ was used to calculate the second moment of inertia of the profile to 

obtain the equivalent value of horizontal subgrade modulus for use in the computations of 

critical pile length. Because the variables for critical length Lc and horizontal subgrade 

reaction kh are inter-dependent, iterations are required to converge on the solution.  The 

variation of horizontal subgrade reaction with depth along Pile P5N is displayed 

graphically in Figure 4.1.  
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Figure 4.1 Variation of kh Along Pile P5N. 

 

The Poulos and Hull elastic solution calculations are shown in Appendix G. 

 

4.2 Equivalent Cantilever Methods 

 4.2.1  Abendroth and Greimann Equivalent Cantilever Solution 

An adaptation of continuum theory by Abendroth and Greimann, as it applies to integral 

abutment bridges, was used to calculate the maximum moment of 367kNm in pile P5N 

associated with a free-head lateral deflection of 54mm. The critical pile length Lc was 

calculated to be 6.18m. The equivalent cantilever length was determined to be 4.75m 

from the point of lateral load application to the fixed base. An equivalent value of kh was 
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calculated in the same fashion that was done in Poulos and Hull’s solution. The 

calculations are shown in Appendix H. 

 

4.2.2 2D Pile Modelled as Equivalent Cantilever 

A two-dimensional free-standing cantilever model of an idealized P5N pile was created 

with STAAD.Pro software. A cantilever length of 4.75m to the point of load application 

was assumed, which represents the cantilever length calculated with Abendroth and 

Greimann’s method. The maximum moment was calculated by setting a free-head lateral 

pile deflection of 46mm at 0.45m below the pile head, which was inferred from the 

54mm head deflection observed in the field. The analysis generated a moment value of 

367kNm, and this result was verified with common beam equations. 

P=3EI∆/Le
3=(3)(205x103)(293x106)(46)/(4750)3=77343N 

M=PLe=(77343)(4750)=367x106Nmm=367kNm 

 

 The STAAD model is shown in Figure 4.2. 
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Figure 4.2 2D Pile Modelled as Equivalent Cantilever. 

 

4.2.3 2D Bridge Modelled with Equivalent Cantilever Piles 

Engineers often idealize an integral abutment bridge as a two-dimensional frame to 

calculate anticipated deflections, pile forces and bending moments due to vehicular live 

loads. The idea is to represent each of the superstructure, abutment and piles with 

elements that have equivalent mass and stiffness. Fixed connections are defined at the 

superstructure-abutment and abutment-pile interfaces to represent the rotational fixity 

that is inherent in an integral abutment bridge. In the case of a 2D bridge modelled with 

equivalent cantilever piles, the piles have a fixed base, and their length is determined by 

computational solutions such as Abendroth and Greimman’s (1987).   

A 2D bridge frame was created in STAAD.Pro, with equivalent cantilevered piles 

measuring 4.20m below the bottom of the abutment. This length was obtained by 

subtracting 0.55m, which is the distance from the point of lateral load application to the 
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bottom of the abutment, from the equivalent cantilever length of 4.75m based on 

Abendroth and Greimman’s theory. One girder, of the bridge’s four girders, was used to 

represent the superstructure, and the equivalent stiffness of 3.5 piles (one quarter of 

fourteen piles) was assigned to the cantilever. The abutment was represented by a stiff 

concrete beam element 1.2m high, 3.5m wide, and 5.1m long. Rigid connections were 

assigned to the girder-abutment and abutment-pile connections. The piers were 

represented by rollers, with the three translational degrees of freedom restrained, and the 

three rotational degrees of freedom released. The abutment backfill was represented by 

linear springs at the top, middle and bottom of the abutment wall to represent the 75mm 

compression foam. The spring constant was calculated by summing the total spring 

reaction that is assumed to occur if the compression foam is the maximum specified value 

of 100kPa over a deflection of 0.0375m, then dividing by four (4) because the model only 

represents one girder. The interior lateral load sharing factor of 0.587, as defined in the 

CHBDC CAN S6-14 and calculated as per clause 5.6.4.3, was applied to the test truck to 

provide the proportionate axle loads. The maximum deck deflection as analyzed by 

STAAD was 14.9mm, located 26.7m from the north abutment as the truck’s front axle 

was 32m from the north abutment, driving southward. This compares well with the 

location of measured maximum deck deflection of 26m from the north abutment, as seen 

in Figure 3.16.  

Figure 4.3 shows the idealized STAAD bridge model. 
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Figure 4.3 Idealized STAAD 2D Frame Bridge Model (Single Girder). 

 

The maximum axial force in the idealized pile due to the vehicular live load was 221.8kN 

when the front axle was 12m from the north abutment, which coincides with the trailer 

wheels just embarking onto the bridge. The maximum bending moment in the idealized 

pile was 237.2kNm when the front axle was 26m from the north abutment. The idealized 

abutment could be considered stiff enough to distribute the truck load evenly between 3.5 

piles, and the corresponding maximum axial load would be 63.2kN, and the maximum 

moment would be 67.8kNm. The maximum stress in the pile when the front axle is 26m 

from the abutment, considering a stiff idealized abutment, would be 39.6MPa.   

However, upon close investigation of these results, and consideration of the lateral load-

sharing methodology of the CHBDC, it was determined that this approach should not be 

used to distribute the stresses produced by the design truck load to individual piles. The 

lateral load sharing factor of 0.587, as determined by applying the CHBDC method, was 

established to estimate girder moment and deflection only. A safe assumption for 

distribution of the abutment load to the individual piles is that the abutment is much 

stiffer than the piles, and the load will be shared equally to all 14 piles. This is shown to 
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be correct when inspecting the results of the 3D bridge model in Section 4.3.3. Therefore, 

a second 2D idealized bridge frame model was established to represent the stiffness and 

mass of the entire superstructure, abutment and pile configuration, to estimate the 

maximum axial force and bending moment in the individual piles. This required that the 

entire 406.5kN truck be applied to the idealized superstructure.  

The maximum axial force in the newly idealized pile, now representing 14 piles, due to 

the vehicular live load was 361.1kN when the front axle was 12m from the north 

abutment, which coincides with the trailer wheels just embarking onto the bridge. The 

maximum bending moment in the idealized pile, now representing 14 piles, was 

330.3kNm when the front axle was 26m from the north abutment. Figures 4.4 and 4.5 

show the placement of the truck for maximum axial pile force and maximum pile 

moment, respectively. 

 

Figure 4.4 Truck Position and Direction for Maximum Pile Axial Force. 
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Figure 4.5 Truck Position and Direction for Maximum Pile Bending Moment. 

 

Upon observation of these results and Figures 4.4 and 4.5, one notes that the truck 

position that creates the maximum pile moment coincides with the truck position that 

creates the maximum negative girder end moment, and this does not coincide with the 

truck position that creates the greatest positive “midspan” girder moment and deflection 

(see Figure 3.15) because of the degree of girder rotational fixity at the abutment. The 

inferred individual pile maximum axial force and associated stresses are 25.8kN, -

4.5MPa and +7.5MPa, respectively. The individual pile maximum bending moment and 

associated stresses are 23.6kNm, -11.5MPa and +13.5MPa, respectively. These 

maximum pile stresses are greater than those of -4MPa and +6MPa measured in the field. 

The difference may be attributable to the fact that upon elastic axial deflection of the 

piles, the soil underlying the abutment may bear some of the abutment load and restrict 
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pile strain. The model does not have vertical springs to represent this reaction. Also, the 

strain gauges had been installed during the construction of the abutment 9 months before 

the live load test was conducted, and it is possible that these were damaged during 

subsequent construction activities.   

A braking load of 192kN was also applied to the idealized bridge model to represent the 

braking field test. (The truck drove 60km/h and stopped over a distance of 30m.) The pile 

head deflection barely registered at 0.014mm. 

 

4.3 Soil Spring Methods 

4.3.1 2D Pile Modelled with Discrete Linear Soil Springs 

To more accurately represent deflection, shear and moment distribution, as well as 

general lateral behaviour of an embedded pile, engineers often represent the soil-pile 

system as a beam element (pile) with discrete springs (soil) along its length. In this case, 

the stiffnesses of linear springs are determined to best-fit a modelled pile P5N head 

deflection of 54mm and measured stress of 46MPa, when subjected to a lateral head load 

of 155.8kN. This is the first step of a process described in Section 6.3, whereby P-Y 

curves and non-linear soil springs are developed for use in modelling the integral 

abutment bridge.    

A 2D STAAD model of a 10.3m embedded H-pile was created with discrete linear soil 

springs acting laterally along the length of the pile at 1m increments. Three soil strata 

exist along its length, and each was represented by linearly increasing soil stiffness. The 

top layer was 3m deep, and consisted of a pea gravel encased in a steel pipe sleeve. The 
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next layer was 2m deep, and consisted of a layer of Type A granular backfill. The bottom 

layer consisted of Type B granular backfill. It is assumed that these soil types are 

consistent with the Canadian Highway Bridge Design Code CAN CSA S6-14 Soil 

Groups I and II, respectively, as described in Table 7.4 Soil Classifications. Assumed, 

typical values of horizontal subgrade reaction as published in the Canadian Foundation 

Engineering Manual 3rd Edition, and the Canadian Highway Bridge Design Code were 

used. No design information was available for the pea gravel, but the site investigation 

determined that it was uniform 8mm fractured stone. The published estimates for the 

variation of horizontal subgrade reaction (nh) were used as an initial assumption when 

fitting the model to the field measurements, and these are 2200kN/m3, 24000kN/m3 and 

12000kN/m3 for the top, middle and bottom soil layers respectively. It was determined 

that 2200kN/m3 was too soft at the top of the pile as the head deflection greatly exceeded 

54mm, and 4400kN/m3 was used instead. Furthermore, a stiffness reduction factor of 

90% was applied to the entire profile to “best-fit” the pile head deflection of 54mm and 

stress of 42MPa measured on pile P5N in the field. 

Table 4.1 shows the variation of linear soil stiffness with depth for pile P5N at a head 

deflection of 54mm. 
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       Table 4.1 Variation of Soil Stiffness for Pile P5N at a Head Deflection of 54mm. 
 

 

The model was subjected to a head load of 155.8kN, which resulted in a head deflection 

of 54mm, producing a maximum pile moment of 265kNm. The pile exhibited contra-

flexure (see Figure 4.6), as expected, with the first zero displacement at 4.91m below the 

pile head, and the second at 9.23m below pile head.  

 

Figure 4.6 Results for 2D Pile Modelled with Discrete Linear Soil Springs. 

Penetration soil nh kh A k k'=0.9k 

(m)  kN/m3 kN/m3 m2 kN/m kN/m 

1 pea gravel 4400 7097 0.31 2200 1980 

2 pea gravel 4400 21290 0.31 6600 5940 

3 pea gravel 4400 35484 0.31 11000 9900 

4 Class A 24000 270968 0.31 84000 75600 

5 Class A 24000 348387 0.31 108000 97200 

6 Class B 12000 212903 0.31 66000 59400 

7 Class B 12000 251613 0.31 78000 70200 

8 Class B 12000 290323 0.31 90000 81000 

9 Class B 12000 329032 0.31 102000 91800 

10 Class B 12000 367742 0.31 114000 102600 

10.3 Class B 12000 392903 0.31 121800 109620 
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The significance of the distance of 4.91m is that it represents the depth along the pile 

below which lateral pile deflections and stresses are negligible. This compares well to the 

equivalent cantilever length of 4.75m (to the point of load application) determined by 

using the Abendroth and Greimman method. Considering the load was applied 0.45m 

below the pile head, the overall length of cantilever pile is 5.20m. The difference between 

the two methods is 0.29m, or 5.9%, which can be partially attributed to the response of 

the pile below this depth, as the equivalent cantilever approach has zero deflection, and 

the 2D model has slight contra-flexure, and as a result has small deflections below this 

depth.    

 

4.3.2 2D Bridge Modelled with Discrete Linear Soil Springs 

The 2D bridge modelled with equivalent cantilever piles, as described in Section 4.2.3, 

was refined by replacing the equivalent cantilever piles with a soil-pile system consisting 

of a beam element representing the embedded pile, and linear soil springs representing 

the soil stiffness. The linear spring stiffnesses to be used in the 2D bridge modelled with 

discrete linear soil springs were established in Section 4.3.1. The spring modelled soil-

pile system will more accurately represent the actual behaviour of the soil-pile system in 

an integral abutment bridge, and will allow pile deflections and stresses to be observed 

along the entire length of the pile.  

A 2D bridge model was created in STAAD.Pro, and linear soil springs were assigned to 

pile nodes to represent the soil stiffness. The spring constants were calculated by using 

published values of nh from the CFEM and CHBDC. The soil springs at the piles are 
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linear, and have been assigned spring constants that relate to nh values of 4400kN/m3, 

24000kN/m3 and 12000kN/m3 for the pea gravel, Type A granular and Type B granular 

soil layers, respectively. The abutment was represented by a stiff concrete beam element 

1.2m high, 3.5m wide, and 5.1m long. Rigid connections were assigned to the girder-

abutment and abutment-pile connections. The piers were represented by rollers, with the 

three translational degrees of freedom restrained, and the three rotational degrees of 

freedom released. The abutment backfill was represented by linear springs at the top, 

middle and bottom of the abutment wall to represent the 75mm compression foam. The 

spring constant was calculated by summing the total spring reaction that is assumed to 

occur if the compression foam is stressed to the maximum specified value of 100kPa over 

a deflection of 0.0375m, then dividing by four (4) because the model only represents one 

girder. The interior load sharing factor of 0.587, as defined in the CHBDC CAN S6-14 

and calculated as per clause 5.6.4.3, was applied to the test truck to provide the 

proportionate axle loads. The maximum deck deflection as analyzed by STAAD was 

13.6mm, located 26.7m from the north abutment (See Figure 3.16) as the truck’s front 

axle was 32m from the north abutment, driving southward. Figure 4.7 shows the idealized 

STAAD bridge model. 
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Figure 4.7 2D Frame with Linear Soil Springs. 

The maximum axial force in the idealized pile due to the vehicular live load was 214.5kN 

when the front axle was 12m from the north abutment, and the maximum bending 

moment in the idealized pile was 223.1kNm when the front axle was 26m from the north 

abutment, while the truck drove southward. For the same reasons described in Section 

4.2.3, it was determined that this approach should not be used to distribute the stresses 

produced by the design truck load to individual piles. Therefore, a second 2D idealized 

bridge frame model was established to represent the stiffness and mass of the entire 

superstructure, abutment and pile configuration, to estimate the maximum axial force and 

bending moment in the individual piles. This required that the entire 406.5kN truck be 

applied to the idealized superstructure.  

The maximum axial force in the newly idealized pile, now representing 14 piles, due to 

the vehicular live load driving southward, was 360.2kN when the front axle was 12m 

from the north abutment (see Figure 4.4), which coincides with the trailer wheels just 

embarking onto the bridge. The maximum bending moment in the idealized pile, now 

representing 14 piles, was 327.6kNm when the front axle was 26m from the north 
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abutment (see Figure 4.5). Upon observation of these results, one notes that the truck 

position that creates the maximum pile moment coincides with the truck position that 

creates the maximum negative girder end moment, and this does not coincide with the 

truck position that creates the greatest positive “midspan” girder moment and deflection 

because of the degree of girder rotational fixity at the abutment. The inferred individual 

pile maximum axial force and associated stresses are 25.7kN, -3.9MPa and +6.9MPa, 

respectively. The individual pile maximum bending moment and associated stresses are 

23.4kNm, -11.4MPa and +13.4MPa, respectively. These pile stresses are significantly 

greater than those of -4MPa and +6MPa measured in the field. The difference may be 

attributable to the reasons described in Section 4.2.3. 

A braking load of 192kN was also applied to the idealized bridge model to represent the 

braking field test. (The truck drove 60km/h and stopped over a distance of 30m.) The pile 

deflection barely registered at 0.014mm. 

 

4.3.3 3D Bridge Modelled with Discrete Linear Soil Springs 

The idealized 2D Bridge modelled with discrete linear soil springs was refined to 

represent the entire integral abutment bridge in 3D. This model will more accurately 

distribute the vehicular loading to the various elements, such that deflections and stresses 

can be determined throughout the bridge.  

A 3D bridge model was created in STAAD.Pro, and linear soil springs were assigned to 

pile nodes to represent the soil stiffness. The pile spring and backfill spring constants 

were calculated in the same manner as described in Section 4.3.2. Four composite girders 
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represent the girders and deck, and these are connected laterally by intermediate 

diaphragms. The abutment diaphragm and wingwalls were represented by concrete plate 

elements, 1.2m thick, and rigid connections were assigned to the girder-abutment and 

abutment-pile connections. An idealized design truck was created to represent the actual 

test truck used for the Scoudouc bridge live load test (see Section 3.3 Scoudouc Bridge 

Live Load Test). The maximum deck deflection due to the passing of the idealized design 

vehicle is 9.7mm on the bridge centerline, and 9.1mm at a 1.8m lateral offset from 

centreline, and is located 26.9m from the north abutment as the truck drives southward, 

and the front axle is 32m from the north abutment (see Figure 3.16).   

The maximum axial force in the modelled P5N pile due to the vehicular live load was 

28.2kN when the front axle was 12m from the north abutment (see Figure 4.4), and the 

associated bending moment was 14.2kNm. The maximum bending moment in the 

modelled P5N pile was 30.8Nm when the front axle was 26m from the north abutment 

(see Figure 4.5), and the associated axial load was 19.5kN. The truck locations which 

create maximum deck deflection, maximum pile axial force, and maximum bending 

moment are practically the same as those observed in the 2D models of Sections 4.2.3 

and 4.3.2.  Upon observation of these results, one notes that the truck position that creates 

the maximum pile moment coincides with the truck position that creates the maximum 

negative girder end moment, and this does not coincide with the truck position that 

creates the greatest positive “midspan” girder moment and deflection because of the 

degree of girder rotational fixity at the abutment. 
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A braking load of 192kN was also applied to the idealized bridge model to represent the 

braking field test. (The truck drove 60km/h and stopped over a distance of 30m.) The pile 

deflection barely registered at 0.063mm. 

A view of the model is shown below in Figure 4.8, and the modelled deck maximum 

deflection curve is represented in Figure 4.9. 

 

Figure 4.8 3D Bridge Modelled with Discrete Linear Soil Springs. 
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Figure 4.9 Modelled Deck Maximum Deflection Curve. 

 

The curve exhibited in Figure 4.9 represents the vertical deflections of the deck (y-axis) 

occurring a certain horizontal distance from the north abutment (x-axis) as the STAAD 

design truck was moved along the deck in 0.6m increments. As noted in the previous 

sections which presented the results of each bridge analysis, the maximum deck 

deflections occurred approximately 5m behind the front axle as the design truck drove 

southward. This is consistent with the fact that the maximum moment should occur at the 

load closest to the centre of gravity, which is the rear drive wheel. Some slight variances 

were observed throughout the analyses, and these may be attributable to the fact that the 

load was moved along the deck in 0.6m increments, and the actual location of maximum 

moment or deflection may be between the deck nodes to which the truck wheel loads 

were applied.     
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The stress in pile P5N caused by the passing of the design truck was a maximum of 

+17.6MPa (compression) and -15.2MPa (tension) when the truck was driving south and 

the front axle was 32m from the north abutment. The screenshot of the pile P5N analysis 

shown in Figure 4.10 presents the state of stress (y pointing south) in pile P5N when the 

truck is in the position described above.  

 

Figure 4.10 Maximum Modelled Live Load Stress in Pile P5N (MPa). 
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Chapter 5 - Comparison of Results from Linear-Elastic Methods 

5.1 Single Pile Analyses 

The various elastic methods used to calculate individual free-head pile maximum 

moment, head deflection, ultimate load and critical length when pile P5N was subjected 

to a head load of 155.8kN (which represents the maximum load applied in the test) were 

in general agreement with one another, and matched well with the field measurements. 

Table 5.1 summarizes some of these values for each method. 

      Table 5.1 Summary of Results from Individual Pile Elastic Solutions and Models. 

Method of 

Head 

Load 

Head 

Deflection Mmax Hu Lc 

Analysis (kN) (mm) (kNm) (kN) (m) 

Partial 

Differentiation1* n/a 37* 250* na na 

Partial 

Differentiation2** 155.8 37** 199** na na 

Broms 155.8 na na 312 na 

Poulos 155.8 42 267 na 6.1 

Abendroth na 46# 367 na 6.2 

2D Cantilever 155.8 54 367 na na 

2D Spring 155.8 54 265 na na 

Field Test 155.8 54 na na na 

 *Free head pile, deflection at ground line. 

**Free head pile with deflection and moment at groundline, caused by lateral 

 load applied 0.55m above groundline. 

#Deflection at point of load application, 0.45m below head.  

  

The first partial differential solution was calculated by assuming a lateral load was 

applied to the free-head at ground level to obtain a deflection of 37mm, which represents 
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the ground line deflection of the STAAD model with 54mm of head deflection. 

Considering there is also an 85kNm moment at ground line in the model (155.8kN x 

0.55m), this was superimposed onto the partial differential pile moment value of 

165kNm, to obtain 250kNm at a depth below groundline of 2.5m. This was an accurate 

approximation, but the proper calculation with a boundary condition of 

EId2y/dx2=85kNm at x=0m (groundline) was defined, and the solution solved again to 

obtain a maximum moment of 199kNm at a depth below groundline of 2.0m. The 

worksheets for these solutions are shown in Appendix B. 

The results of the partial differentiation of the classic beam on elastic subgrade solution 

provided an unconservative estimate of maximum moment of 199kNm at 2.0m depth 

when a free-head head deflection of 37mm and moment of 85kNm were imposed at 

ground-line, and an equivalent horizontal subgrade reaction of 10538kN/m3 was used, 

which represents an equivalent value of soil stiffness, calculated using Abendroth’s 

second moment of inertia method (see Appendix H). Both the partial differentiation, and 

the determination of equivalent soil stiffness are tedious calculations, and these are 

presented in Appendices B and G, respectively, to demonstrate how early beam on elastic 

subgrade problems were solved. In practice, other means of estimating these values, such 

as using graphs provided by Broms, tables provided by Poulos and Hull, or equivalent 

cantilever equations developed by Abendroth, are typically used. 

Brom’s method of estimating the ultimate lateral pile head load of 312kN provided a 

value that could be used in the field to establish the maximum test head load. Using a 

factor of safety of 2, which is common in working stress design of steel and concrete 

structures, a test pile head load was limited to approximately half of the ultimate pile 
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head load that was obtained by Broms’ method. This method depends on the fact that that 

the pile acts as a long pile, and that the system would fail due to yielding of the pile, as 

opposed to failure of the soil. Assumptions of soil properties were made because no test 

data was available for the soil properties of the “pea gravel” aggregate that was used to 

backfill the pile encasements. An effective saturated unit weight of 18kN/m3, and an 

effective friction angle of 28 degrees were used in the calculations. Some of the error in 

the results can be attributed to the estimation of the ordinate and abscissa values in 

Brom’s tables due to logarithmic scales. The results of the static push test on pile P5N 

show that 155.8kN of lateral load was required to move the pile head 54mm. The 

resulting measured strain 1m below the pile head was used to calculate a moment of 

79.4kNm, while the single pile STAAD model had a moment of 85.7kNm at the same 

location. The maximum moment by observing the single pile STAAD model with linear 

springs was 265kNm, located 3.5m below the pile head.  

Poulos and Hull’s method of calculating maximum moment and head deflection yielded 

results that generally agreed with the other structural solutions and models. The critical 

length Lc of pile was calculated to be 6.13m. The maximum moment as determined by a 

linear-elastic approach was 267kNm, and the linear-elastic deflection at ground level was 

found to be 31mm. Considering a rotation of 0.011 radians, this translated to a pile head 

displacement of 42mm. This deflection is approximately 22% less than the actual field-

tested head deflection of 54mm. (Once the non-linear factors for moment and deflection 

were applied in Section 6.1, the values became 381kNm and 67mm, respectively.) These 

calculations are presented in Appendix G.         
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Abendroth and Greimann’s elastic method provided a critical pile length Lc of 6.18m, an 

equivalent cantilever length of 4.75m, and a maximum moment of 367kNm at a pile head 

displacement of 54mm (which coincides with a lateral pile displacement at the point of 

load application of 46mm). As for the Poulos and Hull method, an equivalent horizontal 

subgrade reaction, ke, was determined using the second moment of inertia method. These 

values are dependent on the critical cantilever length, and thus the value of equivalent 

horizontal subgrade reaction was similar to that calculated using Abendroth and 

Greimann’s method. The value of ke found using the Poulos and Hull value of Lc was 

10537kN/m3, while the value of ke found using the Abendroth value of Lc was 

10538kN/m3. These values are in excellent agreement. 

A 2D STAAD model of a free-standing cantilever was subjected to a free-head lateral 

deflection of 46mm at point of load application, which is 0.45m below the pile head. 

Therefore, the overall length of the cantilever was 5.20m, while the effective length of 

the cantilever was set at 4.75m, which coincides with the length established using the 

Abendroth method in Appendix H. The STAAD analysis provided a moment at the base 

of the cantilever of 367kNm. This value is exactly that calculated with the Abendroth 

method, and the results were verified by hand, by using elastic beam theory, or 

∆=PL3/3EI. Considering M=PL, the formula can be rearranged to be expressed as 

∆=ML2/3EI, which is the formula that was used by Abendroth.  

A 2D STAAD model of a 10.3m pile embedded in three soil strata of varying stiffness 

had a 155.8kN lateral head load applied to the model, and the soil stiffness was adjusted 

to fit the field measurements of 54mm head deflection and 42MPa stress at 1m below the 
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pile head. This produced a maximum pile moment of 265kNm at 3.50m below pile head. 

The pile exhibited contra-flexure, as expected, with the first zero displacement at 4.912m 

below the pile head, and the second at 9.234m below pile head. A reasonable fit was 

observed when the soil stiffness was adjusted to 90% of the published nh values, with a 

modelled head deflection of 54mm and a modelled stress of 46MPa as compared to the 

field-measured 42MPa. The lower measured stress could be attributable to slip in the 

mechanically fastened strain gauge, since the gauge is bolted through the pile flange. 

Also, the fact that it is through-bolted and not adhered to the face of the pile could result 

in a strain reading that is closer to the average flange stress, as opposed to extreme fibre 

stress. Another difference could be the actual pile stiffness, as a product of Young’s 

modulus of elasticity, E, and moment of inertia, I, in comparison to the modelled pile 

stiffness. Mill certificates for the pile steel were not available at the time or writing; 

therefore, the actual steel modulus of elasticity is not known. The actual cross-sectional 

geometry of the pile could also be different from that modelled, thus introducing error.  

A quick comparison of the values obtained by the Poulos and Hull, Abendroth and 

Greimann, and 2D-Spring methods reveals that the first method almost matches the 

maximum moment found by the 2D Spring method. Contrary to this, the second method 

over-estimates the benchmark 2D Spring method value by 38%. Also, the maximum 

moment is conceptualized to occur at a depth below pile head of 5.20m when using the 

Abendroth and Greimann method, while the 2D Spring method calculates it at a depth of 

3.5m below the pile head.   

When the test range of pile head forces were applied to the single pile FEM-Winkler 

model with the linear variation of soil stiffness indicated in Table 4.1, it was observed 
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that the modelled head deflections exceeded the field-measured head deflections for most 

of the range. The lateral test head loads of 155.8kN, 144.3kN, 120.3kN, 97.4kN, 73.3kN, 

45.8kN and 20.6kN produced model head deflections of 53.9mm, 49.9mm, 41.6mm, 

33.7mm, 25.4mm, 15.8mm, and 7.1mm, respectively. This was an indication of soil non-

linearity, and would be investigated further (see Section 6.3 for Inference of Non-Linear 

Soil Springs). Figure 5.1 compares the modelled and field measured head deflections 

when linear springs are used to predict the pile response. 

 

 

Figure 5.1 Comparison of Modelled and Field-Measured Head Deflections. 

Through observation of Figure 5.1, one can see that the model does not accurately predict 

the pile response at low values of head load. The greatest difference between the 

measured and modelled head load response is at a head load of 20.6kN, where the 

predicted head deflection of 7.1mm is 255% greater than the measured 2mm deflection. 

The soil spring constants used in the model are not stiff enough at low head loads; 
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however, they predict the pile response to the 144.3kN and 155.8kN heads loads quite 

accurately. This demonstrates that non-linear springs are required to accurately predict 

the pile response through the entire range of displacement.    

 

5.2 Bridge Analyses 

All three methods which incorporated the results from the single pile analyses to establish 

idealized bridge models provided reasonable results. A comparison of the 2D Cantilever 

Frame, 2D Bridge with Linear Soil Springs, 3D Bridge with Linear Soil Springs models, 

as well as the live load test, is presented in Table 5.2. 

      Table 5.2 Comparison of Pile and Deck Response for the Linear Bridge Analyses. 

       
Bridge 

Analyses 
and Live 
Load Test 

Maximum 
Deck 

Deflection 
(mm) 

Position and 
Direction of 

Truck (m-S or 
m-N) 

Maximum 
Pile Axial 
Force (kN) 

Position and 
Direction of 

Truck (m-S or 
m-N) 

Maximum Pile 
Bending 
Moment 
(kNm) 

 Position and 
Direction of 

Truck (m-S or 
m-N) 

2D 14.9 32.0-S 26.8 12.0-S 23.6 26.0-S 
Cantilever 

Frame    
(max defl. at 

26.7m)         

2D Bridge  13.6 32.0-S 26.2 12.0-S 23.4 26.0-S 

(Linear Soil 
Springs)   

(max defl. at 
26.7m)         

3D Bridge 9.1 32.0-S 28.2 12.0-S 30.8 26.0-S 
(Linear Soil 

Springs)   
(max defl. at 

26.9m)         

Live Load 
Test                         11 32.0-S 16.7 n/a 9.5 n/a 

   

(max defl. at 

26m)         

Note: Distances are taken from north abutment. 

The locations of maximum deck deflection occur very close to the centre of the main 

55m span for the 2D and 3D models, and the truck positioning is such that the maximum 

deflection occurs at the rear driver axle (see Figure 3.16). This agrees with the principle 

that the maximum deflection should occur when the truck’s axle which is closest to the 
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truck’s centre of mass is positioned on the span centre. The maximum pile axial forces in 

each of the models differ very slightly, and they all occur when the truck entirely 

embarks on the bridge (see Figure 4.4), with the rear axle at the north abutment (heading 

southward). This is in agreement with the principle that the maximum shear occurs in the 

girder when the entire truck is on the span, and the rear axle is just on the end of the deck. 

The maximum pile bending moments in the 2D models are within 0.2kN of one another, 

or 0.9%; however, the pile moment provided by the 3D model is greater that the 2D 

models, at 30.8kNm. The latter represents 131% of the average of the 2D model pile 

moments. All maximum pile moments occur when the rear drive wheel is 21m from the 

abutment (see Figure 4.5).   

The higher values of maximum deck deflection, axial pile force and pile bending moment 

in the 2D models can be partly attributed to a higher live load distribution factor. The 

CHBDC was used to calculate a value of 0.587 for the 2D models, and the 3D model 

shows that the interior girders are only subjected to 0.472 (or 47.2%) of the truck load. 

This is a reasonable value considering the wheels of the truck fall between both interior 

girders, and only a small portion of the load would be transferred laterally to the exterior 

girders via the intermediate diaphragms. Another reason for greater deck deflections in 

the 2D models is that they do not consider the stiffness from the concrete barriers. 

 A graph of the deflection at the northwest end of the deck, measured and modelled, by 

increment is plotted in Figure 5.2. The 3D linear spring bridge model was used to 

calculate the deck deflections.  
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Figure 5.2 Measured and Modelled Bridge Deck Deflection due to Vehicular Loading. 

This graph shows that the predicted deflection trend is similar to the measured results, 

and the maximum values of 9.1mm and 11mm occur at approximately the same location 

on the bridge (26m from the North abutment). The difference in deflection values can be 

due to the actual bridge components’ stiffnesses being less than what was calculated and 

modelled, as no material records were available. Also, the live load survey was conducted 

with a level and rod that was graduated to the nearest 2mm; therefore, some degree of 

error may have been incurred through the process of measuring deflections.  
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Chapter 6 - Refinement of Solutions and Models Due to Soil 

Non-Linearity 

6.1 Poulos and Davis Soil Non-Linearity Factors 

To account for the nonlinear response of piles under lateral loading conditions, Poulos 

and Davis (1980) proposed nonlinear solutions by applying yield factors to the linear 

solutions. The modified ground-line deflection and rotation, are expressed by the 

following Equations: 

ρplas=ρgelas/Fρ   (Equation 6.1) 

∅plas=∅elasF∅   (Equation 6.2) 

Where ρelas and ∅elas are the deflection and the rotation from the elastic solution, and Fu 

and F∅ are yield deflection and rotation factors, respectively. These are functions of the 

relative eccentricity (ratio of unsupported pile length to embedded pile length) of the 

load, e/L, the pile flexibility factor, KR, and the applied load level, which is expressed as 

a dimensionless ratio H/Hu, where H is the applied load and Hu is the ultimate lateral load 

capacity of the pile (Poulos and Davis, 1980).  

The variable e is defined as the length of pile which is unsupported above the groundline, 

and is equal to 0.55m, and L is the embedded length of the pile, and equal to 9.3m. 

Therefore, the value of e/L is 0.06. The variable KR is defined as follows: 

 

KR=EpIp/EsL
4

  (Equation 6.3) 

 



92 

The graphs from which Fρ and F∅ are to be derived are shown in Figures 6.1 and 6.2, 

respectively. It is worth noting that these graphs are to be used for a soil with uniform 

secant modulus of elasticity (Es); however, as the value of Lc was calculated with an 

equivalent, uniform value of kh; therefore, it is felt that these graphs can be used to 

modify the linear values calculated in Section 4.1.2.  

 

Considering a lateral head load of 155.8kN, and an ultimate head load of 312kN obtained 

by following Broms’ Static Equilibrium Solution, we’ve obtained a H/Hu ratio of 0.5. By 

examining Figure 6.1, a value of Fρ of 0.62 is interpolated. Likewise, by examining 

Figure 6.2, a value of F∅ of 0.70 is interpolated. These values, when applied to the linear 

elastic values of ground line deflection and rotation of 31mm and 0.011 (Section 4.1.2), 

yield values of ρplas and ∅plas of 50mm and 0.015 radians, respectively. These values 

translate to a pile head deflection and pile moment of 67mm and 381kNm, respectively.     

The estimated value of head deflection of 67mm assuming soil non-linearity exceeds the 

value of 54mm obtained by assuming linearity by 24%; and, the estimation of maximum 

moment of 381kNm assuming soil non-linearity is 43% greater than the 267kNm 

obtained by assuming soil linearity. The value of maximum pile moment of 381kNm 

agrees closely with the maximum pile moment of 372kNm obtained by using Abendroth 

and Greimann’s method; however, it is 44% greater than the maximum pile moment 

obtained from the 2D FEM-Winkler model.   
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Figure 6.1 Yield-Displacement factor, Fρ, for Free Head Pile in Soil with Uniform Es. 

 (Poulos and Davis, 1980)  

 

Figure 6.2 Yield-Rotation factor, F∅, for Free Head Pile in Soil with Uniform Es. 

 (Poulos and Davis, 1980)  
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6.2 Non-Linear Composite Backfill Springs 

This section presents three methods used to calculate the effective stiffness of non-linear 

coupled abutment backfill springs, which will better represent the non-linear interaction 

of the abutment backwall, the compression foam and the granular backfill.   

As per the contract plans and specifications, a 75mm thick layer of compression foam 

was installed along the backside of the abutment wall to reduce backfill pressures at the 

wall interface. It is a low-density, closed cell, cross-linked foam material with a minimum 

movement range of 50% compression and 25% tension, and meets the requirements of 

Table 6.1.  

 
 

    Table 6.1 Compression Foam Specifications. (NBDTI, 2009). 

 

 

 

Assuming the compression foam provides the minimum compressive resistance, then it 

has a spring constant value of 100kPa per 0.0375m, which is equivalent to 2667kN/m per 

m2 of coverage. Considering the surface area of the abutment wall is 5.1mx14.1m, then 

the total compression foam reaction if depressed to 50% is 191757 kN/m. The heavily 

reinforced concrete abutment wall is very stiff at 1.2m thick; therefore, it was decided to 
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represent the foam stiffness with nine discrete springs of 21306kN/m stiffness each, 

positioned as shown in Figure 6.3.  

 

 
Figure 6.3 Positioning of North Abutment Backfill Springs (South Abutment Similar). 

 

 

The second part of the coupled system is the stiffness of the backfill soil, and this can be 

calculated in several ways. Three of these methods are presented in the following 

sections, and are referred to as Carvajal’s Method, Terzaghi’s Method #1 and Terzaghi’s 

Method #2. These titles were chosen because of each individual’s respective 

contributions to the determination of the magnitude and variation of soil stiffness with 

depth, and is only meant to identify the primary theory used in each method. The use of 

these titles does not imply that these are recognized, published methods, and the use of 

these titles should be limited to this thesis.   

 

6.2.1 Carvajal’s Method 

The backfill passive pressure force resisting movement at the abutment varies non-

linearly with lateral displacement. It is common practice to represent the non-linear 
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lateral soil reaction that develops at the wall using a bi-linear spring. The spring stiffness 

is dependent on both the near-field conditions within a zone of about three times the 

height of the abutment and far-field conditions beyond this zone, depending on the 

stiffness of the abutment-embankment system relative to the bridge and the period of the 

far-field embankment (Carvajal, 2011). Only the near-field characteristics are of interest 

here for the anticipated soil deflections due to abutment movement caused by thermal, 

wind and vehicular loading are assumed to be attenuated within short proximity of the 

bridge, and certainly within three times the abutment height, which is the zone that is 

defined by Carvajal (2011). Therefore, the soil portion of the composite spring will be 

represented linearly. For abutment walls taller than 1.7m, the lateral stiffness of integral 

abutments is dependent on the flexibility of the abutment wall, height of wall, and the 

mode of deformation (Carvajal, 2011). For these abutments, the near-field lateral stiffness 

can be approximated as: 

Kabut = C • w • Gmob       (Equation 6.4) 

 

where, Gmob is the mobilized shear modulus of the bridge embankment in N/mm2, and w 

is the width of the abutment wall in millimetres. Gmob may be established using free-field 

ground response analysis; however, in the absence of this data, a value of Gmob as a 

function of E50 (N/mm2) and an assumed Poisson’s Ratio ν of 0.35 for a dense, drained 

sand (Kulhawy et al., 1983), will be used. The backfill is a Borrow D gravel compacted 

to 95% Standard Proctor Density, with an assumed equivalent constant E50 of 40MPa. 

Maintaining moment equilibrium about the base of the abutment wall, and assuming a 

linear distribution of stiffness with depth, which is consistent with Terzaghi (1955) for a 
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non-cohesive soil, then the maximum E50 value at the base of the wall is gradient is 

120MPa, and the E50 gradient, also known as nh, is 23.5MPa/m. This means that E50 

values at 1m, 3m and 4.5m depth will be 23.5MPa, 70.5MPa, and 105.8MPa, 

respectively. The following well-known formula is used to calculate the corresponding 

mobilized Shear Modulus values: 

 

Gmob=E50/(2(1+ν))         (Equation 6.5) 

 

The equivalent constant Gmob is 14.8MPa, and the corresponding equivalent constant 

Kabut is 229548kN/m. For each depth of 1m, 3m and 4.5m along the abutment wall, the 

corresponding Gmob values are 8.7MPa, 26.1MPa, and 39.2MPa. The value of C varies 

with the abutment type as shown in Table 6.2. 

 

 Table 6.2 Values of C for Different Abutment Types of IABs. (Carvajal, 2011).  

 
 

 

Through examination of Table 6.2, a value of C of 1.1 is chosen, which represents the 

average value for flexible and rigid full-height abutments. Applying this to Equation 5.4, 

and knowing the abutment wall width is 14.1m, yields abutment spring constants Kabut of 

8996kN/m, 26987kN/m, and 40532kN/m for each of the three (3) top, middle and bottom 

springs, respectively.  
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6.2.2 Terzaghi’s Method #1  

Alternately to Carvajal’s method, a linear distribution of stiffness of nh=15686kN/m3 is 

assumed with depth, which is slightly less than the 18000kN/m3 published by Terzaghi, 

(1955), for a non-cohesive, dense soil above groundwater. The value of nh was obtained 

by maintaining translational static equilibrium in equating the resultant forces from the 

equivalent uniform E50 and linearly increasing E50, irrespective of the location of the 

resultant. The resultant spring constants for each of the equivalent uniform E50 and 

linearly increasing E50 are 235290kN/m for the entire width of the 14.1m abutment wall. 

This reduces to three (3) discrete upper springs of 10449kN/m, three intermediate springs 

of 31349kN/m, and three lower springs of 36574kN/m. This will be referred to as the 

Terzaghi 1 method. 

 

6.2.3 Terzaghi’s Method #2  

Another approach, Terzaghi 2, may consider a linear distribution of stiffness of 

nh=23500kN/m3 is assumed with depth, which is slightly greater than the 18000kN/m3 

published by Terzaghi, 1955, for a non-cohesive, dense soil above groundwater. The 

value of nh in this case was obtained by maintaining rotational static equilibrium in 

equating the moments about the base of the abutment wall, considering the location of the 

resultant forces from the equivalent uniform E50 and linearly increasing E50. The resultant 

spring constant from the linearly increasing E50 is 352500kN/m for the entire width of the 

14.1m abutment wall. This reduces to three (3) discrete upper springs of 15666kN/m, 

three intermediate springs of 47000kN/m, and three lower springs of 54833kN/m.  
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6.2.4 Comparison of Means to Find Effective Backfill Stiffness  

The latter method provides a stiffer backfill estimate, and a comparison of the results is 

provided in Figure 6.4. The lower stiffness results obtained with Carvajal’s (2011) 

method may be because it is empirical in nature, based on the results from large scale 

abutments testing at University of California Davis (Maroney 1995), and does not 

account for the actual abutment height. Also, the value of nh established by the author, 

assuming rotational static equilibrium between the equivalent uniform E50 and linearly 

increasing E50 was calculated about the base of the abutment wall and hence resulted in a 

much larger abutment wall pressure in the lower portion of the wall. Translational static 

equilibrium was not maintained in this case, as it was in the second method described 

above. It is the results of the second method that will be used to calibrate the 3D model of 

the bridge, as these include the actual abutment wall geometry, and they agree nicely with 

the backwall stiffness using Carvajal’s (2011) equation.  
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Figure 6.4 Comparison of Carvajal (2011) and (modified) Terzaghi (1955) Backfill 

Spring Constants. 

 

The backfill soil springs are superimposed onto those representing the compression foam, 

to provide coupled springs. The coupled springs are arranged in series, and provide a 

theoretical equivalent spring constant as follows: 

 

1/keq=1/k1+1/k2  (Equation 6.6) 

 

Therefore, the theoretical equivalent spring constants for the Scoudouc bridge backfill are 

7010kN/m, 12685kN/m, and 13463kN/m for the each of the three (3) upper, middle and 

lower springs, respectively. These values are only be valid for a deflection up to 37.5mm, 

at which point it is assumed that the compression foam fails and the complete granular 

backfill stiffness would be engaged. So, non-linear springs were defined in STAAD to 

reflect the abrupt increase in soil stiffness at an abutment wall deflection of 37.5mm. The 

STAAD definitions of the upper, intermediate and lower north abutment non-linear 
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backfill soil springs are listed in Tables 6.3, 6.4 and 6.5, and displayed schematically in 

Figures 6.5, 6.6, and 6.7, respectively. 

Table 6.3 Upper Non-Linear Backfill Soil Spring Definition – North Abutment. 

 

Deflection Spring Constant 

(m) (kN/m) 

-0.200 10449 

-0.038 7010 

0.000 0 

0.100 0 

 

 

 

 

 
 

Figure 6.5 Upper Non-Linear Backfill Soil Spring Definition – North Abutment. 

 

 

 

 

 

 
Table 6.4 Middle Non-Linear Backfill Soil Spring Definition – North Abutment. 

 

Deflection Spring Constant 

(m) (kN/m) 

-0.200 31349 

-0.038 12685 

0.000 0 

0.100 0 
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Figure 6.6 Middle Non-Linear Backfill Soil Spring Definition – North Abutment. 
 

 

 

 

 

 

Table 6.5 Lower Non-Linear Backfill Soil Spring Definition – North Abutment. 

 

 

Deflection Spring Constant 

(m) (kN/m) 

-0.200 36574 

-0.038 13463 

0.000 0 

0.100 0 
 

 

 

 

Figure 6.7 Lower Non-Linear Backfill Soil Spring Definition – North Abutment. 
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The STAAD definitions of the upper, middle and lower south abutment non-linear 

backfill soil springs are listed in Tables 6.6, 6.7, and 6.8, and displayed schematically in 

Figures 6.8, 6.9 and 6.10, respectively.   

 

Table 6.6 Upper Non-Linear Backfill Soil Spring Definition – South Abutment. 

 

Deflection Spring Constant 

(m) (kN/m) 

-0.300 0 

0.000 0 

0.000 7010 

0.038 10449 

0.300 10449 
 

 

Figure 6.8 Upper Non-Linear Backfill Soil Spring Definition – South Abutment. 

 

Table 6.7 Middle Non-Linear Backfill Soil Spring Definition – South Abutment. 
 
 

Deflection Spring Constant 

(m) (kN/m) 

-0.300 0 

0.000 0 

0.000 12685 

0.038 31349 

0.300 31349 
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Figure 6.9 Middle Non-Linear Backfill Soil Spring Definition – South Abutment. 
 

 

Table 6.8 Lower Non-Linear Backfill Soil Spring Definition – South Abutment. 

 

 

Deflection 

Spring 

Constant 

(m) (kN/m) 

-0.300 0 

0.000 0 

0.000 13463 

0.038 36574 

0.300 36574 
 

 

 

Figure 6.10 Lower Non-Linear Backfill Soil Spring Definition – South Abutment. 
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6.3 Inference of Non-Linear Soil-Pile Spring Stiffness 

6.3.1 Creation of Single Pile Linear FEM-Winkler Models 

Two-dimensional models were created in STAAD.Pro to represent the embedded pile 

with discrete linear soil springs representing the inferred soil stiffness of the soil-pile 

system at head deflections of 2mm, 10mm, 20mm, 30mm, 40mm, 50mm, and 54mm. The 

model with head deflection of 40mm had a response that matched very closely the field 

measurements when the published values of nh of 4400kN/m3, 24000kN/m3 and 

12000kN/m3 were applied to the pea gravel, Type A gravel and Type B gravel, 

respectively. The spring constants for the remaining models were calculated by applying 

a stiffness augmentation or reduction factor to this baseline model, as described in section 

4.3.1. Table 6.9 shows the “best-fit” stiffness variation for each of the seven FEM-

Winkler pile models representing the field-measured 2mm, 10mm, 20mm, 30mm, 40mm, 

50mm, and 54mm of head deflection.   

 

 

  Table 6.9 Soil Stiffness Variation for FEM-Winkler Single Pile Models. 

Depth 2mm 

k’=10k 

10mm 

k’=2.5k  

20mm 

k’=1.5k 

30mm 

k’=1.15k 

40mm 

k’=1.0k 

50mm  

k’=0.9k 

54mm 

k’=0.9k  

(m) (kN/m) (kN/m) (kN/m) (kN/m) (kN/m) (kN/m) (kN/m) 

0.5 22000 5500 3300 2530 2200 1980 1980 

1.5 66000 16500 9900 7590 6600 5940 5940 

2.5 110000 27500 16500 12650 11000 9900 9900 

3.5 840000 210000 126000 96600 84000 75600 75600 

4.5 1080000 270000 162000 124200 108000 97200 97200 
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Depth 2mm 

k’=10k 

10mm 

k’=2.5k  

20mm 

k’=1.5k 

30mm 

k’=1.15k 

40mm 

k’=1.0k 

50mm  

k’=0.9k 

54mm 

k’=0.9k  

5.5 660000 165000 99000 75900 66000 59400 59400 

6.5 780000 195000 117000 89700 78000 70200 70200 

7.5 900000 225000 135000 103500 90000 81000 81000 

8.5 1020000 255000 153000 117300 102000 91800 91800 

9.3 1140000 285000 171000 131100 114000 102600 102600 

 

Table 6.10 shows the response of the field-tested P5N pile, and that of the linear STAAD 

models, for varying head loads. 

Table 6.10 Response of P5N During Lateral Load Test and 

           Single Pile Linear Modelling. 

  Field STAAD Field STAAD Ratio 

Load Deflection Deflection Stress Stress Measured 

(kN) (mm) (mm) (MPa) (MPa) Predicted 

20.6 2 2.2 4.3 6 0.72 

45.8 10 9.8 10.7 13.5 0.79 

73.3 20 19.8 18.3 21.6 0.85 

97.4 30 29.9 25.3 28.7 0.88 

120.3 40 39.5 32.1 35.4 0.91 

144.3 50 49.9 39.1 42.5 0.92 

155.8 54 53.9 41.9 45.9 0.91 

 

 

Through comparison of the field and modelled stresses of Table 6.10, it is shown that the 

modelled head deflections and pile stresses when using linear soil springs closely mimic 

those measured in the field. The ratio of measured to predicted stresses ranges from a low 

of 0.72 for a head load of 20.6kN, to a high of 0.92 for a head load of 50mm. The error 

range for head deflection is 0.2% at a measured head deflection of 54mm, and 10% at a 
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measured head deflection of 2mm. This difference in value could be attributable to the 

transit and ruler only being precise to the nearest millimeter. The error range for pile 

stress is 12% at a measured head deflection of 54mm, and 43% at a measured head 

deflection of 2mm. This variance of stress could be due to the deflection measuring 

apparatus, as mentioned earlier, and possible slippage of the mechanically-fastened strain 

gauges. Another source of error is the fact that the strain gauges are bolted through the 

flanges, and would only measure true extreme fibre strain if the nuts were torqued 

enough to result in a friction connection as opposed to a bearing connection.     

  

6.3.2 Establishment of P-Y Curves for Pile P5N 

Seven independent single-pile FEM-Winkler models with linear soil springs were created 

to represent each of 2mm, 10mm, 20mm, 30mm, 40mm, 50mm, and 54mm head 

displacements. Soil stiffness was manipulated within the confines of published theories 

on the variation of horizontal subgrade reaction within a cohesionless soil (ie linearly 

increasing with depth), and the response of the best-fit soil-pile systems were noted. The 

values of soil displacement and reaction at each spring location, for each model described 

above, were used to create P-Y curves (see Section 2.2.2.2 for a description of the P-Y 

method).  

 

6.3.3 Definition of Non-Linear Soil Springs  

The curves were then used to define non-linear soil springs which behaved as the 

independent linear springs did through the range of soil-pile deflection experienced 
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during the pile lateral load test. One P-Y curve was created for each of the ten springs 

along the length of the pile, and that for the top spring (node 27) is shown in Figure 6.11. 

 

 

Figure 6.11 P-Y Curve for Top Spring at Node 27. 

 

The non-linear spring for Node 27, located 1.5m below the pile head and 0.5m below the 

groundline (see Figure 4.6 for location on FEM-Winkler model), is defined by the P-Y 

curve above and is shown in Table 6.11 and Figure 6.12. 
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Table 6.11 Variation of Stiffness with Deflection for Spring at Node 27. 

Deflection 

Spring 

Constant 

(m) (kN/m) 

-0.23000 1981 

-0.0292 1981 

-0.0270 1185 

-0.0212 1238 

-0.0158 1162 

-0.0101 1328 

-0.0048 2088 

-0.0008 22011 

0.0000 22011 

0.0000 22011 

0.0008 2088 

0.0048 1328 

0.0101 1162 

0.0158 1238 

0.0212 1185 

0.0270 1981 

0.0292 1981 

0.1600 1981 

 

 

Figure 6.12 Graphic Representation of Non-Linear Soil Spring for Node 27. 
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A spreadsheet which shows the development of all the P-Y curves is located in Appendix 

I. 

The 2D single pile model in Figure 4.6 was refined to include the non-linear springs that 

were developed for each node. The pile responded closely to the predicted values of head 

deflection and pile stress through the range of lateral head loads. A comparison of single 

pile response for the field test, the model with linear soil springs, and the model with non-

linear soil springs is presented in Table 6.12. 

        Table 6.12 Comparison of Single Pile Responses. 

Head 

Measured 

Field 

Predicted 

Deflection 

(Linear 

Predicted 

Deflection 

(Non-Linear 

Measured 

Field 

Predicted 

Stress 

(Linear 

Predicted 

Stress (Non-

Linear 

Load Deflection Model) Model) Stress Model) Model) 

(kN) (mm) (mm) (mm) (MPa) (MPa) (MPa) 

20.6 2 2.2 2.2 4.3 6 5.5 

45.8 10 9.8 9.6 10.7 13.5 12.2 

73.3 20 19.8 19.5 18.3 21.6 19.6 

97.4 30 29.9 29.5 25.3 28.7 26.1 

120.3 40 39.5 39 32.1 35.4 32.2 

144.3 50 49.9 49.1 39.1 42.5 38.6 

155.8 54 53.9 53.2 41.9 45.9 41.7 

 

Through observation of Table 6.12, it is shown that the modelled head deflections and 

pile stresses when using non-linear soil springs closely mimic those measured in the field. 

The predicted deflections from the linear spring model are closer to the field-measured 

values; however, the goal is to develop one set of springs that can predict the pile 

response over a range of head loads, and the non-linear springs can provide that. Also, the 

non-linear spring provides more accurate pile stress results. The error range for head 

deflection is 1.5% at a measured head deflection of 54mm, and 10% at a measured head 
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deflection of 2mm. This variation in deflection value could be attributable to the transit 

and ruler only being precise to the nearest millimeter. The error range for pile stress is 

2% at a measured head deflection of 54mm, and 39% at a measured head deflection of 

2mm. This stress error could be due to the deflection measuring apparatus, as mentioned 

earlier, and possible slippage of the mechanically-fastened strain gauges. Another source 

of error is the fact that the strain gauges are bolted through the flanges, and would only 

measure true extreme fibre strain if the nuts were torqued enough to result in a friction 

connection as opposed to a bearing connection.     

 

6.4 Calibration of Bridge Model with Non-Linear Soil Springs 

The 3D model with linear soil springs was updated to incorporate non-linear soil springs, 

such that a more accurate bridge response could be predicted. The bridge model was 

calibrated by replacing the linear soil springs representing the soil stiffness behind the 

abutment and along the length of the piles with non-linear soil springs. The non-linear 

backfill and pile spring constants were obtained by the methods described in Sections 6.2 

and 6.3, respectively. The bridge was represented by the same beam and plate elements 

described in Section 4.3.3.  

The maximum deck deflection due to the passing of the idealized test vehicle was 9.6mm 

along the bridge centerline, and 8.9mm at a 1.8m lateral offset from this point, and was 

located 26.9 from the north abutment as the truck drives southward and the front axle is 

32m from the north abutment (see Figure 3.16 for reference of truck positioning).   
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The maximum axial force in the modelled P5N pile due to the vehicular live load was 

28.1kN when the front axle was 12m from the north abutment (see Figure 4.4), and the 

associated bending moment was 13.6kNm. The maximum bending moment in the 

idealized pile was 29.2 kNm when the front axle was 26m from the north abutment 

heading south (see Figure 4.5), and the associated axial load was 18.7kN. Upon 

observation of these results, one notes that the truck position that creates the maximum 

pile moment coincides with the truck position that creates the maximum negative girder 

end moment, and this does not coincide with the truck position that creates the greatest 

positive “midspan” girder moment and deflection because of the degree of girder 

rotational fixity at the abutment.   

A braking load of 192kN was also applied to the idealized bridge model to represent the 

braking field test. (The truck drove 60km/h and stopped over a distance of 30m.) The pile 

deflection barely registered at 0.051mm. 

A picture of the model is shown below in Figure 6.13. 
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Figure 6.13 3D Bridge Model with Non-Linear Soil Springs. 

The stress in pile P5N caused by the passing of the virtual test truck was a maximum of 

+16.8MPa (compression) and -14.5MPa (tension) when the truck was driving south and 

the front axle was 32m from the north abutment. The screenshot of the model analysis 

shown in Figure 6.14 presents the state of stress (y pointing south) in pile P5N when the 

truck is in the position described above.  

 

 

Figure 6.14 Maximum Modelled Live Load Stress in Pile P5N (MPa). 
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A comparison of the results of the linear bridge models and non-linear bridge model for 

maximum deck deflection, pile moment and axial load shows that they are in agreement. 

Table 6.13 summarizes the results. 

 

Table 6.13 Summary of Results from Bridge Models with Linear and Non-Linear Soil 

      Springs.  

Bridge 
Analyses and 

Live Load 
Test 

Maximum 
Deck 

Deflection 
(mm) 

Position and 
Direction of 

Truck (m-S or 
m-N) 

Maximum 
Pile Axial 
Force (kN) 

 Position and 
Direction of 

Truck (m-S or 
m-N) 

 
Maximum 

Pile 
Bending 
Moment 
(kNm) 

 Position and 
Direction of 

Truck (m-S or 
m-N) 

2D Cantilever 
Frame 14.9 32.0-S 25.8 12.0-S 23.6 26.0-S 

    

(max defl. at 

26.7m)         

2D Bridge  13.6 32.0-S 25.7 12.0-S 23.4 26.0-S 
(Linear Soil 

Springs)   
(max defl. at 

26.7m)         

3D Bridge 9.1 32.0-S 28.2 12.0-S 30.8 26.0-S 
(Linear Soil 

Springs)   
(max defl. at 

26.9m)         

3D FEM 

Winkler 8.9 32.0-S 28.1 12.0-S 29.2 26.0-S 
(Non-Linear 
Soil Springs)   

(max defl. at 
26.9m)         

Live Load 
Test 11 32.0-S 16.7 n/a 9.5 n/a 

    
(max defl. at 

26m)         

*Distances were taken from North Abutment. 

 

A quick review of table 6.13 reveals that the difference in response between the 3D 

bridge models with linear and non-linear soil springs is negligible. The maximum deck 

deflections of 9.1mm and 8.9mm, respectively, are within 2.2% of one another. The 

maximum pile axial forces of 28.2kN and 28.1kN, respectively, are within 0.4% of each 
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other, and the maximum pile bending moments of 30.8kNm and 29.2kNm, respectively, 

are within 5.5% of one another. 
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Chapter 7 - Discussion 

A recommended approach to the design of piles supporting an IAB is presented, 

including a method to define the non-linear soil spring stiffness for use in the FEM-

Winkler method. The procedure begins with a simple lateral load test performed on a 

single pile, followed by structural modelling with discrete uncoupled linear soil springs to 

mimic the pile response at various head deflection increments, followed by the 

development of P-Y curves from the nodal displacements and reactions, and ends with 

the definition of non-linear spring stiffness constants to be used in the FEM-Winkler 

modelling of the bridge.  

  

7.1  Conceptual IAB Design 

Before the above-noted procedure can be implemented, the first typical step in the 

process of IAB design involves the development of a conceptual bridge design. Factors 

such as length of bridge, skew of bridge, serviceability of bridge, regional seismicity and 

site geology are important considerations. Of these, the most important in the design 

considerations of IABs is the site geology. As per the description of IABs provided in the 

Introduction, these bridge types rely on the flexibility of the soil-pile system, while at the 

same time requiring lateral support from the same system. One must first estimate the 

pile depth to fixity at each support, which is typically defined as that point along the 

length of the pile below which the lateral deflection does not exceed 5% of the maximum 

lateral deflection of the pile embedded in soil. If fixity is not achieved, then the pile will 

behave as a short pile and will essentially rock about its tip when subjected to the cyclic 

loading of an IAB foundation. To estimate the depth to fixity, one could use a numerical 
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solution such as that of Abendroth and Greimman (1987) to obtain the equivalent 

cantilever length of the pile. The inputs for this process include the pile stiffness and the 

soil stiffness. The latter is often described by an estimate of the horizontal subgrade 

reaction, kh, which may either be provided by the project’s geotechnical engineer, or can 

be estimated by referring to published documents such as the Canadian Foundation 

Engineering Manual, or the Canadian Highway Bridge Design Code. It is commonly 

assumed that cohesionless soils have kh values that vary linearly with depth, while 

cohesive soils have uniform kh values. This is because the kh is governed by the effective 

vertical pressure in the cohesionless soil, while the kh value in cohesive soils is dependent 

primarily on the undrained shear strength, which is not a function of depth. Upon 

reviewing the site’s borehole logs, one can determine whether an equivalent value of kh 

must be calculated due to significant variation of soil stiffness with depth. The borehole 

logs will also show if the pile can be driven into the natural ground, or if the site must be 

modified to ensure pile fixity can be achieved (such as at Scoudouc). 

Once it has been determined that an IAB is feasible for the site, with considerations such 

as maximum length and skew angle, the general arrangement of the IAB can be finalized. 

At this point, a 2D model of the bridge can be developed, including piles represented by 

an equivalent cantilever length. The results of this analysis will provide estimates of the 

stresses in the piles due to vehicular, wind, seismic and thermal loading. The bridge deck, 

abutment diaphragm and piles are modelled as a frame, representing the mass and 

stiffness of each component, to form an idealized bridge system. 

The 2D model can be further refined during the design process to represent a 3D bridge 

model with the soil-pile system incorporated as beam elements with discrete linear 
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springs. The same values of kh that were used as input in the Abendroth or Poulos 

solutions can be used to calculate the spring constants at varying depth. This model 

refinement will yield more accurate and representative results of stress and displacement; 

however, the there is uncertainty in the value of kh, and this will introduce error in the 

modelling. 

 

7.2 Lateral Pile Load Test  

It is for this reason that some bridge engineers, including this author, recommend that a 

pile lateral load test be performed to validate preliminary assumptions of soil stiffness, 

and that the information gathered be used to define non-linear soil spring stiffness 

constants. The in-situ lateral load test and subsequent analyses described in this thesis are 

a practical and economical approach to measuring the soil-pile system stiffness. The 

information gathered can be used to predict the pile response due to vehicular loading of 

integral abutment bridges, without having to conduct extensive and costly lateral pile 

load tests, such as those contained in The American Society for Testing and Materials 

standard D3966/D3966M-07 (2013) Standard Test Methods for Deep Foundations Under 

Lateral Load, as described in Chapter 2. Though these tests provide valuable information 

regarding the response of laterally-loaded piles, they are not often conducted in practice 

due to their complexity, time requirements and elevated costs. Furthermore, it is difficult 

to establish production pile site conditions at a different location due to geology and other 

site specific characteristics.  
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As an alternative, a simplified in-situ lateral load pile test for IAB’s whose piles are 

encased in sleeves that are infilled with loose soil is recommended. The results will 

provide design engineers with a good estimate of a production pile/soil system stiffness 

such that preliminary SSI models may be calibrated to more accurately predict the 

constructed IAB’s behaviour.  

The following is a summary of the steps required to conduct the lateral load pile test, 

develop P-Y curves, and define non-linear soil springs for piles in integral abutment 

bridges: 

Step 1: Gather the required instrumentation and equipment, including a transit, graduated 

ruler, 20-ton hydraulic jack complete with dial gauge, jacking beam assembly and strain 

measuring device such as a PDA. 

Step 2: Install the jacking beam between the piles located adjacent to the test pile (see 

Figure 7.1), ensuring all components are secure. Install the jack horizontally, between the 

jacking beam and the test pile. Install two strain gauges as far down from the pile head as 

practically and safely as possible (typically 1.0-1.5m).  

Step 3: Measure the horizontal distance between the piles, the vertical distance from the 

pile head to the point of applied load, the vertical distance from the pile head to the top of 

the infill soil, and the vertical distance from the point of applied load to the strain gauges.   
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Figure 7.1 Production Pile Lateral Load Test Set-Up. 

 

Step 4: Calculate the ultimate lateral pile head load by Brom’s method. Divide this value 

by two and use it as the maximum lateral load to be applied to the test pile. 

Step 5: Slowly apply the jacking load and stop to measure the head deflection, the lateral 

force and the strain in the pile. Perform this task in two millimeter increments, and record 

all values, up to a head load of approximately 0.5Hu. 

Step 6: Slowly reduce the pressure on the jack and record the same information in 

deflection decrements of 4-6mm to obtain a trace of residual strain. 

Step7: Once the load is off the test pile, measure the residual strain at the no-load 

condition. 
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7.3 Development of P-Y Curves 

With the results of the static push test, one can “best-fit” the pile within a soil whose 

stiffness is represented by a series of discrete, uncoupled linear soil springs to re-create 

the field response of pile head displacement and pile bending stress, when subjected to a 

known lateral head load. The value of kh is to be adjusted with depth, according to soil 

type, for each of the separate models to reach agreement with the test results. Effort 

should be made to ensure head displacement values are modelled to within 1mm of field 

measurements, while pile bending stresses should be modelled to within 3MPa of field 

measurements. The soil displacement and associated reaction can be obtained from each 

node to which is attached a spring, on each model. Then, for a given node on each model, 

the values of displacement (Y) and reaction (P) are combined to create a node-specific P-

Y curve. 

A non-linear soil spring can be derived from each P-Y curve by assigning the change in 

reaction to the respective deflection range, and dividing the former by the latter to obtain 

the tangential soil stiffness. These stiffness values are then assigned to the deflection 

range in the structural modelling software (STAAD.Pro in this case) to create non-linear 

soil springs. 

These non-linear soil springs can either be incorporated in the 2D frame model to replace 

the linear soil springs, or a 3D bridge model can be created, and incorporate the non-

linear soil springs, to more accurately represent the overall bridge behaviour.  

Here is a summary of the steps to follow once the push test is complete: 
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Step 1: Establish FEM-Winkler models to represent each of the 2mm, 5mm, 10mm, 

20mm, 30mm, etc. head displacements. Begin with published values of kh for each 

respective soil type in the profile to calculate linear soil springs at 1m intervals along the 

pile, and adjust as needed to obtain the desired head deflection and pile curvature for the 

applied head load. Ensure pile stress is matched to within 3MPa, and head deflection is 

within 1mm.  

Step 2: Obtain the modelled soil-pile deflection and reaction at each linear spring node, 

and tabulate these. For each node, use the deflection and reaction values from each of the 

models to create a P-Y curve. Each node must have a uniquely representative P-Y curve. 

Step 3: Use the P-Y curve for each node to define a non-linear spring. STAAD.Pro uses 

the tangential values of stiffness on the P-Y curve to create non-linear springs, as 

opposed to using the secant value (Es) or the 50% of ultimate (E50) value.    

Step 4: Create a single pile FEM-Winkler model with the non-linear springs, and apply a 

range of lateral loads to the pile head to verify correctness. Each combination of pile head 

deflection, lateral load and pile stress should agree with the field measurements. 

Step 5: Incorporate the non-linear springs into the 2D or 3D FEM-Winkler model to 

more accurately predict the IAB’s response to vehicular, thermal, wind or earthquake 

loading.   

This process is well suited for IABs with abutment piles that are encased in a sleeve filled 

with a flexible medium because the piles are predominantly isolated from each other, and 

the influence of the reaction piles is assumed to be negligible. If the piles are not encased 

in a sleeve filled with a loose medium, then caution must be taken to account for the 
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interaction of adjacent piles by maintaining a safe distance (2.5m minimum as per ASTM 

D3966) between the reaction and test piles. 
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Chapter 8 – Conclusions and Recommendations 

8.1 Conclusions 

The cohesionless soils in which the Scoudouc Bridge piles are embedded have shown a 

certain degree of non-linearity; however, their response beyond a very low-strain yield 

point was predominantly linear. The pile head of the soil-pile system exhibited a similar 

response for each of the piles tested at the Scoudouc Bridge, as well as the pile at the 

Picadilly mine site.  

To account for soil non-linearity, three modifications were made to the linear solutions or 

models. Firstly, factors established by Poulos and Davis (1980) were applied to the 

results obtained by the Poulos and Hull (1989) solution, and accurate results were 

obtained. Secondly, coupled springs were defined to more accurately represent the 

backfill system comprised of granular backfill with geogrid, and a compression foam at 

the abutment backwall interface. Lastly, non-linear soil springs were developed by 

compiling results from linear soil spring models, and when incorporated in the soil-pile 

system, the system response was accurate through the entire range of head loads.       

The FEM-Winkler approach to predicting the response of laterally-loaded piles appears 

to provide results that are within the expected range of accuracy. Its simplicity and ease 

of use make it a commonly-used method for the design of IABs; however, the most 

important variable required in the process is the most difficult to determine with a high 

degree of certainty: the modulus of horizontal subgrade reaction, kh. Many researchers 

such as Terzaghi (1955) have published values of soil stiffness parameters nh, Es or E50 

for use in elastic solutions to SSI problems, and these can yield accurate results when 
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used properly. For instance, these published values allowed for an accurate prediction of 

soil-pile system response at high strains, such as those expected during thermal expansion 

and contraction (Huntley and Valsangkar, 2013) but underestimated the low-strain lateral 

stiffness of the soil-pile system, such as those resulting from vehicular loading.  

The structural software program STAAD.Pro has proven to be a useful tool in “best-

fitting” piles within a soil medium, to enable the prediction of pile lateral deflections and 

reactions along the pile by the FEM-Winkler method. Earlier methods of solving the 

“beam on elastic subgrade” problem, such as the finite difference and partial 

differentiation methods, did not permit the soil stiffness to be represented as non-linear. 

STAAD.Pro has multi-linear spring capability, and utilizes the user-input tangential 

segments of the P-Y curve to define the overall non-linearity. The FEM-Winkler 

approach, conducted with STAAD.Pro, takes much less effort than performing these 

lengthy and tedious procedures, often done manually in years pre-dating computers.     

The elastic solutions of Broms (1964) and Poulos and Hull (1989) provided valuable 

preliminary single-pile design information which would have allowed the bridge design 

engineer to do early planning for the flexibility and support requirements of the Scoudouc 

IAB. The Abendroth and Greimann (1987) equivalent cantilever model provided the 

basis of a 2D bridge model founded on beam-columns. The results agreed well with all 

other forms of analyses, once an equivalent value of kh was obtained. Their method of 

calculating the equivalent kh is in concert with the philosophy that the stiffness in the top 

portion of the soil-pile system is far more critical to its lateral response than the soils at 

depth. This reinforces the concept that the soil modulus is more influential at the top of 

the pile than it is at the bottom. An aspect of this method that is welcomed by structural 
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engineers is the conversion of a composite, fully embedded “black box” system, to an 

idealized free-standing beam-column whose behaviour is very well understood.    

The Hentenyi partial differential equation for estimating pile moments due to applied 

head load, moment or deflection provided unconservative results. The value of maximum 

pile moment was less than results obtained from all other methods. The principle of 

superposing the applied pile head moment to the solution which only considered the 

lateral deflection at ground level provided conservative, and more accurate results.   

A simple lateral load test conducted on production piles provided the soil-pile system’s 

stiffness, from which inferred P-Y curves could be developed, and non-linear spring 

constants established. It is understood that the data gathered is essentially static, and that 

soil behaviour is strain and time dependent; however, even the instantaneous feedback 

can be used to calibrate the FEM-Winkler model to account for soil non-linearity. 

A conventional Pile Driving Analyzer was effective in measuring the strain in the pile 

when subjected to a lateral head load. Most transportation agencies require that a certain 

percentage of piles within an IAB abutment be dynamically analyzed for axial capacity, 

so this equipment is often on site during the pile driving phase. The operator could easily 

be trained to participate in the lateral load pile tests.    

The computer aided design software package AUTOCAD was used to facilitate the 

computations to determine the effective kh at pile P5N, and could calculate the second 

moment of inertia of the irregular stiffness distribution with depth. This would save a 

design engineer valuable time, especially considering it is an iterative process (values of 

Lc and kh are inter-dependent variables).  
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8.2 Recommendations 

The time variation in stiffness of the soil which surrounds the piles should be considered 

in the design process of any IAB. The simple test described in this paper will provide the 

design engineer with a much better understanding of the behaviour of the soil-pile system 

as it is incorporated into the IAB; however, only the soil’s initial state is tested.  Further 

research should be done to establish production pile tests that could be conducted during 

the construction of the abutments to aid in forecasting the long-term, cyclic behaviour of 

the soil-pile system, and the response of the IAB. Long-term stiffness predictions must be 

made, based on scientific research and lateral load pile trials in different soil types.   

The potential for degradation of some soil types is real, and has been recognized by some 

Canadian transportation agencies, such as Alberta Transportation. They have replaced the 

loose soil infill with polystyrene pellets, whose performance and durability are well 

documented. The use of synthetic materials, such as polystyrene pellets or shredded 

recycled rubber tires, as soil substitutes in IAB abutments should be investigated further.  

It was assumed that the interaction between the reaction piles and test pile was negligible 

due to pile isolation; however, further investigation into the interaction between these 

piles, when encased in sleeves filled with a loose medium, is necessary to confirm if this 

is a valid assumption.  

Further investigation into the strong linear relationship between lateral pile head load and 

deflection beyond an initially very stiff zone is recommended. This behaviour was 

observed at both the Picadilly site, in natural soil, and at the Scoudouc site, with 
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manufactured loose infill. At Scoudouc, there may exist a “flow” of particles from the 

front of the pile to the CSP interface, then split to follow the inside perimeter of the CSP 

sleeve, to finally rest at the backside of the pile once the push is completed.    

Monitoring of the long-term pile strain after removal of the vehicular loading was not 

performed as this was beyond the scope if this work. Further studies should be conducted 

to confirm the variation of the residual deflection with time. 

Studies should be conducted to measure the dynamic response of IAB production piles, 

such that characteristics such as damping may be better estimated. This variable is critical 

for the seismic design of IABs. 
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APPENDIX A - SCOUDOUC BRIDGE BOREHOLE LOGS 
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APPENDIX B - PARTIAL DIFFERENTIATION SOLUTIONS FOR BEAM ON 

ELASTIC SUBGRADE 
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Beam on elastic subgrade solution for P5N 

 

EpIp d
4y/dx4 = Qd2y/dx2 = Esy = 0 

V= d3y/dx3        M = EI d2y/dx2  s = dy/dx 

 

Assume solution of the form   y=emx 

yI=memx 

yII=m2emx 

yIII=m3emx 

yIIII=m4emx 

 

Where     Ep=205000N/mm2 

Ip=293.0 x 106mm4 

Es=Khe x d 

=10538KN/m3 x 0.3lm 

=3267KN/m2 

=3.3N/mm2 

 

∴    EpIp x m4emx+ Es x emx=0 

emx(EpIp x m4+ Es)=0 

emx(205000 x 293.0 x 106m4 + 3.3)=0 

emx(60.0 x 1012  m4 +3.3)=0 
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∴  roots  0.00034+0.00034i 

0.00034-0.00034i 

-0.00034+0.00034i 

-0.00034-0.00034i 

 

Euler identities   eix=cosx+isinx 

e-ix=cosx-isinx 

 

y=C1e
(0.00034+0.00034i)x+C2e

(-0.00034+0.00034i)x+C3e
(-0.00034-0.00034i)x+C4e

(0.00034-0.00034i)x 

  =e0.00034x(C1e
0.00034ix +C4e

0.00034ix)+e-0.00034(C2e
0.00034ix +C3e0.00034ix) 

  =e0.00034x[C1(cos0.00034x+isin0.00034x)+C4(cos0.00034x-isin0.00034x)] 

  +e-0.00034x[C2(cos0.00034x+isin0.00034)+C3(cos0.00034x-isin0.00034x)] 

  =e0.00034x [(C1+C4)cos0.00034x+(iC1-iC4)sin0.00034x] 

  +e-0.00034x[(C2+C3)cos0.00034x+(iC2-iC3)sin0.00034x] 

  =e0.00034x(Acos0.00034x+Bsin0.0034x)+e-0.00034x(Ccos0.00034x+Dsin0.00034x) 
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Apply Boundary conditions: 

 

y=37mm  @  x=0 

y=0mm  @  x=∞ 

dy/dx = 0 @ x=∞ 

EpIp d
2y/dx2  @ x=0 

37=1(A+0)+1(C+0)        A+C=37 

0=∞(Acos∞+Bsin∞)+0(Ccos∞+0sin∞) ∴cos∞=sin∞ 

0=∞(Asin∞+Bsin∞) 

0=Asin∞+Bsin∞ 

 

dy/dx = -e0.00034xx 0.00034A x sin0.00034x + 0.00034e0.00034xxAcos0.00034x 

+e0.00034x0.00034B x cos0.00034x + 0.00034xe0.0034xxBsin0.00034x 

-e-0.00034xx0.00034Csin0.00034x -0.00034e-0.00034xxCcos0.00034x 

+e-0.00034xx0.00034Dcos0.00034x-0.00034e-0.00034xxDsin0.00034x 

 

0 =  -∞Asin∞ + ∞Asin∞ 

+∞Bsin∞+∞Bsin∞ 

-0 Csin∞-0Csin∞ 

+0 Dsin∞-0Dsin∞ 

0 =  2 ∞Bsin∞   ∴ B=0 

 

A+B = 0   ∴ A=0 

A+C=37   ∴ C=37 
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dy/dx=-e-0.00034x0.00034Csin0.00034x-0.00034-e-0.00034xcos0.00034x 

+e-0.00034x0.00034Dcos0.00034x-0.00034e-0.00034xDsin0.00034x 

 

d2y/dx2=4.28x10-6e-0.00034xsin(0.00034x)- 4.28x10-6e-0.00034xcos0.00034x 

-(-4.28x10-6)e-0.00034xcos0.00034x+4.28x10-6e-0.00034xsin0.00034x 

+(-115.6x10-9D)e-0.00034xcos0.00034x-115.6x10-9De-0.00034xsin0.00034x 

+(115.6x10-9D) e-0.00034xsin0.00034x-115.6x10-9De-0.00034xcos0.00034x 

 

0 = [-4.27x10-6 + 4.28x10-6-115.6x10-9D-115.6x10-9D] 

∴ D = 0 

 

@x=0: y=e-0.00034x(37cos0.00034x+(37x200000x286.4x106), sin0.00034x) 

  = 1 (37)  

 

@x=∞: dy/dx = -e-0.00034x 37sin0.00034x-0.00034e-0.00034x 37cosD0.00034x 

+e-0.00034x 0.00034(137.14)cos0.00034x-0.00034e-0.00034x(+34.14)sin0.00034x 

= 0 

 

@x=0 d2y/dx2=(4.28x10-6)(e-0.00034x)sin (0.00034x) -4.28x10-6(e-0.00034x)cos0.00034x 

-(-4.28x10-6)e-0.00034xcos0.00034x+4.28x10-6e-0.00034xsin0.00034x 

+(-115.6x10-9(0)) e-0.00034xcos0.00034x-115.6x10-9(0) e-0.00034xsin0.00034x 

+(115.6x10-9(0)) e-0.00034xsin0.00034x-115.6x10-9(0) e-0.00034xcos0.00034x  

    =-4.28x10-6+4.28x10-6 

     = 0 
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∴ calculate M @ x = 1000 

d2y/dx2 = 1.01x10-6-4.04x10-6+4.04x10-6+1.01x10-6 

=2.02x10-6 

 

∴M =2.02 x10-6x 205000 x 293.0x106 

=121.3 x 10-6Nmm 

=121.3kNm 

 

calculate M @x = 2500 

d2y/dx2  = 1.37 x 10-6 - 1.21 x10-6 + 1.21 x 10-6 + 1.37 x 10-6 

= 2.74 x 10-6 

 

∴ M = 2.74 x 10-6 x 205000 x 293.0 x 106 

= 164.6 x 106 Nmm 

= 164.6 kNm 

 

Now modify BC to account for moment at ground level as a result of eccentricity 

From STAAD:   MGROUND= 85.0kNm 

From CALL:  MGROUND= 0.55 x 155.8 = 85.7kNm 

Modified BC: d2y/dxs = 85.0 x 106Nmm / 200000N/mm2 x 286.4 x 106mm4 

= 1.484 x 10-6/mm 

 

d2y/dx2 = 4.28x10-6e-0.00034xsin(0.00034x) 4.28x10-6e-0.00034xcos (0.00034x) 
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+ 4.28x10-6e-0.00034xcos (0.00034) + 4.28x10-6e-0.00034xsin(0.00034x) 

-115.6x10-9De-0.00034xcos(0.00034x)- 115.6x10-9De-0.00034xsin(0.00034x) 

+115.6x10-9De-0.00034xsin(0.00034x) -115.6x10-9De-0.00034xcos(0.00034x) 

 

1.484 x 10-6= -4.28x10-6 + 4.28 x 10-6 - 115.6 x 10-9D - 115.6 x 10-9 

∴D = -6.42 

 

y = e-0.00034x(Acos0.00034x + Bsin0.00034x)+e-0.00034x(Ccos0.00034 x +Dsin0.00034x) 

 

y = e-0.00034x(37cos0.00034x + Dsin0.00034x) 

dy/dx = 0.00034. e-0.00034x.[(D-37)cos0.00034x - (D+37)sin0.00034x] 

d2y/dx2 = -0.231x10-6. e-0.00034x.(Dcos0.00034x - 37sin0.00034x) 

 

Evaluate d2y/dx2 with D = 0 and x = 1000: 

 d2y/dx2 = 2.03 x 10-6 ∴ M = 121.9 kNm 

 

Evaluate d2y/dx2 with D = -6.42 and x = 1000: 

 d2y/dx2 = 3.03 x 10-6 ∴ M = 182.0 kNm 

 

Evaluate d2y/dx2 with D = -6.42 and x = 2500 

 d2y/dx2 = 3.17 x 10-6 ∴ M= 190.4 kNm 
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Evaluate d2y/dx2 with D = -6.42 and x = 3000 

 d2y/dx2 = 2.91 x 10-6 ∴ M = 174.8kNm 

 

Evaluate d2y/dx2 with D = -6.42 and x = 2000 

 d2y/dx2 = 3.31 x 10-6 ∴ M = 198.8 kNm  MAX! 

 

Evaluate d2y/dx2 with D = -6.42 and x = 1500 

 d2y/dx2 = 3.29 x 10-6 ∴ M = 197.6 kNm 
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APPENDIX C - PICADILLY PILE TEST DATA 
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STATIC PUSH TEST ON PILE T-3024 in EAST DIRECTION

T-3024 T-3024 Gauge T-3024

Reading Displ. Cum. Displ. Reading Force Force

(mm) (mm) (mm) (psi) (lbs) (kN)

218.0 0.0 0.0 0.0 0.0 0.0

219.0 1.0 1.0 1000.0 5150.0 22.9

220.0 1.0 2.0 1600.0 8240.0 36.7

221.0 1.0 3.0 2000.0 10300.0 45.8

222.0 1.0 4.0 2200.0 11330.0 50.4

223.0 1.0 5.0 2800.0 14420.0 64.1

224.0 1.0 6.0 3100.0 15965.0 71.0

225.0 1.0 7.0 3300.0 16995.0 75.6

226.0 1.0 8.0 3600.0 18540.0 82.5

227.0 1.0 9.0 4100.0 21115.0 93.9

228.0 1.0 10.0 4200.0 21630.0 96.2

229.0 1.0 11.0 4500.0 23175.0 103.1

230.0 1.0 12.0 5200.0 26780.0 119.1

231.0 1.0 13.0 5600.0 28840.0 128.3

232.0 1.0 14.0 5800.0 29870.0 132.9

233.0 1.0 15.0 6200.0 31930.0 142.0

234.0 1.0 16.0 6500.0 33475.0 148.9

235.0 1.0 17.0 6900.0 35535.0 158.1

236.0 1.0 18.0 7100.0 36565.0 162.6

237.0 1.0 19.0 7400.0 38110.0 169.5
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STATIC PUSH TEST ON PILE T-3024 in WEST DIRECTION

T-3024 T-3024 Gauge T-3024

Reading Displ. Cum. Displ. Reading Force Force

(mm) (mm) (mm) (psi) (lbs) (kN)

217.0 0.0 0.0 0.0 0.0 0.0

218.0 1.0 1.0 1400.0 7210.0 32.1

219.0 1.0 2.0 2000.0 10300.0 45.8

220.0 1.0 3.0 2200.0 11330.0 50.4

221.0 1.0 4.0 2800.0 14420.0 64.1

222.0 1.0 5.0 3300.0 16995.0 75.6

223.0 1.0 6.0 3400.0 17510.0 77.9

224.0 1.0 7.0 3800.0 19570.0 87.1

225.0 1.0 8.0 4000.0 20600.0 91.6

226.0 1.0 9.0 4300.0 22145.0 98.5

227.0 1.0 10.0 4500.0 23175.0 103.1

228.0 1.0 11.0 4500.0 23175.0 103.1

229.0 1.0 12.0 4900.0 25235.0 112.3

230.0 1.0 13.0 5500.0 28325.0 126.0

231.0 1.0 14.0 5600.0 28840.0 128.3

232.0 1.0 15.0 6000.0 30900.0 137.5

233.0 1.0 16.0 6400.0 32960.0 146.6  

Location map of pile T-3024 and adjacent boreholes: 
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APPENDIX D – SCOUDOUC PILE TEST DATA 
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Table 3.1 Static Push Test on Pile P5N. 

  West   East   P5N P4 P6 

Displ. Cum.  Reading Force Force Reading Force Force 
Tot. 

Force 
Tot. 

Force 
Tot. 

Force 

(mm) (mm) (psi) (lbs) (kN) (psi) (lbs) (kN) (kN) (kN) (kN) 

           
0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.0 

0.7 0.7 450.0 2317.5 10.3 450.0 2317.5 10.3 20.6 10.5 10.1 

0.4 1.1 600.0 3090.0 13.7 600.0 3090.0 13.7 27.5 14.0 13.5 

0.8 1.9 700.0 3605.0 16.0 800.0 4120.0 18.3 34.4 17.5 16.9 

0.7 2.6 900.0 4635.0 20.6 850.0 4377.5 19.5 40.1 20.4 19.7 

0.6 3.2 1000.0 5150.0 22.9 1000.0 5150.0 22.9 45.8 23.3 22.5 

0.7 3.9 1100.0 5665.0 25.2 1150.0 5922.5 26.3 51.5 26.3 25.3 

0.8 4.7 1200.0 6180.0 27.5 1250.0 6437.5 28.6 56.1 28.6 27.5 

0.7 5.4 1400.0 7210.0 32.1 1350.0 6952.5 30.9 63.0 32.1 30.9 

0.7 6.1 1500.0 7725.0 34.4 1450.0 7467.5 33.2 67.6 34.4 33.1 

0.8 6.9 1600.0 8240.0 36.7 1600.0 8240.0 36.7 73.3 37.4 35.9 

0.9 7.8 1750.0 9012.5 40.1 1600.0 8240.0 36.7 76.7 39.1 37.6 

0.6 8.4 1800.0 9270.0 41.2 1800.0 9270.0 41.2 82.5 42.0 40.4 

0.7 9.1 1900.0 9785.0 43.5 1900.0 9785.0 43.5 87.1 44.4 42.7 

0.7 9.8 1900.0 9785.0 43.5 2050.0 10557.5 47.0 90.5 46.1 44.4 

0.7 10.5 2100.0 10815.0 48.1 2150.0 11072.5 49.3 97.4 49.6 47.7 

0.6 11.1 2250.0 11587.5 51.5 2200.0 11330.0 50.4 101.9 52.0 50.0 

0.7 11.8 2250.0 11587.5 51.5 2400.0 12360.0 55.0 106.5 54.3 52.2 

0.7 12.5 2400.0 12360.0 55.0 2500.0 12875.0 57.3 112.3 57.2 55.0 

0.5 13.0 2500.0 12875.0 57.3 2500.0 12875.0 57.3 114.5 58.4 56.2 

0.8 13.8 2600.0 13390.0 59.6 2650.0 13647.5 60.7 120.3 61.3 59.0 

0.7 14.5 2600.0 13390.0 59.6 2900.0 14935.0 66.4 126.0 64.2 61.8 

0.6 15.1 2800.0 14420.0 64.1 2950.0 15192.5 67.6 131.7 67.1 64.6 

0.8 15.9 2850.0 14677.5 65.3 3050.0 15707.5 69.9 135.2 68.9 66.3 

0.9 16.8 2850.0 14677.5 65.3 3250.0 16737.5 74.5 139.7 71.2 68.5 

0.6 17.4 3100.0 15965.0 71.0 3200.0 16480.0 73.3 144.3 73.5 70.8 

0.7 18.1 3300.0 16995.0 75.6 3250.0 16737.5 74.5 150.0 76.5 73.6 

0.8 18.9 3400.0 17510.0 77.9 3400.0 17510.0 77.9 155.8 79.4 76.4 
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APPENDIX E – SCOUDOUC BRIDGE LIVE LOAD TEST DATA 
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Table E.1 Deck Deflections due to Vehicular Live Load.  

Rear Wheel Deflection Deflection 

Station Measured STAAD 

(m) (mm) (mm) 

0* -2 0.0 

2 -3 -0.4 

4 -2 -1.1 

6 -3 -1.9 

8 -3 -2.8 

10 -2 -4.0 

12 -4 -4.9 

14 -6 -5.9 

16 -6 -6.9 

18 -7 -7.5 

20 -7 -8.1 

22 -8 -8.7 

24 -8 -8.9 

26 -11 -9.0 

28 -10 -9.0 

30 -10 -8.7 

32 -9 -8.3 

34 -11** -7.6 

36 -8 -6.9 

38 -6 -6.1 

40 -2 -5.0 

42 -5 -4.1 

44 -3 -3.1 

46 -3 -2.1 

48 -2 -1.2 

     
*North_abutment 

**Suspect_reading 
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APPENDIX F - BROMS COMPUTATIONAL SOLUTION 
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Long Pile, Free Head, Cohesionless Soil - Broms (1964b)    

         

         

Ultimate Lateral Resistance Hu/kpd3γ 210 where Hu= 312 kN 

    (Fig. H.1)  kp= 2.8  

      d= 0.31 m 

   e= 0.55 m γ= 18 kN/m3 

   e/d= 1.77     

         

         

         

System Yield Moment My/kpγd4 1437 where My= 662 kNm 

      kp= 2.8  

      γ= 18 kN/m3 

      d= 0.31 m 

         

         

         
Passive Soil Pressure 
Coefficient tan2(45+∅'/2)  kp= 2.8  

      ∅'= 28 degrees 

      ∅'= 0.49 radians 

         

         

Pile Yield Moment  fyS 662 kNm fy= 350 MPa 

      fy= 350000 kN/m2 

      S= 1890 cm3 

      S= 0.00189 m3 

      I= 0.000293 m4 

         
Where         

         

 Hu= Ultimate lateral pile head load (kN)    

 kp= Rankine passive soil pressure coefficient    

 d= Pile diameter  (m)    

 γ= 
Unit weight of 
soil  (kN/m3)    

 e= Length of unsupported pile (m)    

 My= 
Pile yield 
moment  (kNm)    

 ∅'= Effective friction angle of soil (radians)    

 fy= Pile yield stress  (MPa)    
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 S= 
Pile section 
modulus  (m3)    

 I= Pile moment of inertia (m4)    
 

 

 

Figure H.1 Long Pile, from Broms, 1964b. 
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APPENDIX G - POULOS AND HULL COMPUTATIONAL SOLUTION 
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Long Pile, Free Head, Cohesionless Soil - Poulos and Hull (1989)   

      

      
Applied moment M=  85.0 kNm 

Applied horiz force H=  155.8 kN 

      

Critical Length Lc= 1.81dK0.2 6.13 m 

  m= nh  kN/m3 

  Ke=  155303  
Diameter  d=  0.31 m 

  nh1= 0-3m 4400 kN/m3 

      

  nh2= 3-5m 24000 kN/m3 

      

  nh3= 5-9.3m 12000 kN/m3 

      

  e=  0.55 m 

  Lo= Lc/2 3.06 m 

      

parallel axis theorem actual 2nd mom inertia=  0 m4 

to find equivalent kh actual 2nd mom inertia=  101000 m4 

  rectangular 2nd mom inertia= 9.59 *khe 

      

   khe= act 2nd MI/rect 2nd MI 10537 kN/m3 

      

  triangular 2nd mom inertia= 2.40 *khmax 

      

  khmax= 
rect 2nd MI/triang 2nd 
MI 42147 kN/m3 

  Esmax=  13065 kN/m2 

  m=nh=  4265 kN/m2/m 

  K= Ep/(m*d)  Unitless 

  Ke= Ep/(me*d) 155064 Unitless 

      

Pile Mod of Elast Ep=  205000 Mpa 

Pile Mod of Elast Ep=  205000000 kN/m2 

       

Length of embed pile L=  9.3 m 

      

Variable  x= log10(Le/d) 1.30 Unitless 

  Le= Lc if L>=Lc 6.13 m 

   L if L<Lc/3 9.3 m 
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Factor  fρH= (13.10+11.09x)/mLc
2 0.000172 Unitless 

Factor  fρM=fϕH= (34.63+11.09x)/mLc
3 4.995E-05 Unitless 

Factor  fϕM= (156.1+37.14x)/mLc
4 3.397E-05 Unitless 

Factor  fρF= (5.669+4.14log10x)/mLc
2 3.832E-05 Unitless 

Factor  IMF= (Lc/d)(0.23+0.44log10x) 5.525 Unitless 

      

      

Grounline defl ρelas ground= HfρH+MfρM 0.031 m 

Groundline rot ϕelas= HfϕH+MfϕM 0.011 rad 

Max moment Melas= HdIMF 266.9 kNm 

      

      

  ∆elas= ϕelase 0.011 m 

Pile head defl ρelas head= ρelas ground+∆elas 0.042 m 

  e/L= (0 at ground) 0.059 or zero! 

  ∆plas= ϕplase 0.015 m 

  ρplas ground= ρelas ground/Fρ 0.050 m 

  ρplas head= ρelas head/Fρ 0.067 m 

  ϕplas= ϕelas/Fϕ 0.015 rad 

  Mplas= Melas/Fϕ 381.2 kNm 

      

      

  Ip= 0.000293 m4  

  Ese= 3266 kN/m2  

  L= 9.3 m  

      

  KR= 0.00246 Unitless EpIp/EsL4 

      

  Hu= 312 kN 
from 
Broms 

      

  H/Hu= 0.5 Unitless  

      

  Fρ= 0.62 Unitless 
from Fig 
8.16 

  Fϕ= 0.70 Unitless 
from Fig. 
8.17 

      
 

 

     

 

 

 

Where      
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 M= Applied head moment  (kNm)  

 H= Applied lateral head load  (kN)  

 Lc= Critical pile length  (m)  

 Ke= Effective K constant  Unitless  

 d= Pile diameter  (m)  

 nhi= Variation of kh with depth for soil layer i (kN/m3)  

 Lo= Active pile length  (m)  

 khe= Effective kh  (kN/m3)  

 khmax= Maximum kh  (kN/m3)  

 Esmax= Maximum Es  (kN/m2)  

 m= Variation of Es with depth  (kN/m3)  

 me= Effective Variation of Es with depth (kN/m3)  

 Ep= Pile modulus of elasticity  (Mpa)  

 L= Length of embedded pile  (m)  

 Le= Effective pile length  (m)  

 

ρelas 

ground= Pile deflection at groundline (m)  

 ϕelas= Elastic Pile rotation at groundline (rad)  

 Melas= Maximum elastic pile moment (kNm)  

 ∆elas= 
Elastic Deflection difference from ground to pile 
head (m)  

 ρelas head= Elastic pile deflection at head (m)  

 ∆plas= 
Plastic Deflection difference from ground to pile 
head (m)  

 

ρplas 

ground= Plastic pile deflection at ground (m)  

 ρplas head= Plastic pile deflection at head (m)  

 ϕplas= Plastic Pile rotation at groundline (rad)  

 Mplas= Maximum plastic pile moment (kNm)  

 Ip= Pile moment of inertia  (m4)  

 Ese= Effective soil secant modulus of elasticity  (MPa)  

 KR= Variable  Unitless  

 Hu= Ultimate pile head load  (kN)  

 Fρ= Deflection yield factor  Unitless  

 Fϕ= Rotation yield factor  Unitless  

 MI= Second moment of inertia of kh(x) about Lo (m4)  

 e= Distance from pile head to groundline (m)  
 

 



163 

 

Figure I.1 Yield-Displacement factor, Fρ, for Free Head Pile in Soil with Uniform Es. 

 (Poulos and Davis, 1980)  

 

Figure I.2 Yield-Rotation factor, F∅, for Free Head Pile in Soil with Uniform Es. 

 (Poulos and Davis, 1980)  
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APPENDIX H - ABENDROTH AND GREIMANN CANTILEVER SOLUTION 
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Long Pile, Free Head, Cohesionless Soil - Abendroth and Greimann (1987)  

     

     

     

Critical Length Lc= 4(EI/kh)0.25 6.18 m 

     

 E=  205000 MPa 

   205000000 kN/m2 

 I=  29300 cm4 

   0.000293 m4 

 khe=  10538 kN/m3 

 nh1= 0-3m 4400 kN/m3 

 nh2= 3-5m 24000 kN/m3 

 nh3= 5-9.3m 12000 kN/m3 

 d=  0.31 m 

 Lo= Lc/2 3.09 m 

     

     

parallel axis theorem actual 2nd mom inertia=  33439 m4 

 actual 2nd mom inertia=  101001 m4 

 rectangular 2nd mom inertia= 9.837 *khe 

     

 khe= actual 2nd MI/rect 2nd MI 10267 kN/m3 

     

 

triangular 2nd mom 
inertia=  2.459 *khmax 

     

 khmax= rect 2nd MI/triang 2nd MI 41070 kN/m3 

 Esmax=  12732 kN/m2 

 m=  4120 kN/m2/m 

     

     

  Mpinned= D1EI∆/LMpinned
2 367.0 kNm 

 Vpinned= D1EI∆/LVpinned
3 319.5 kN 

 Mfixed= D1EI∆/LMfixed
2 1062.9 kNm 

 Vfixed= D1EI∆/LVpinned
3 639.0 kN 

     

 D1 fixed=  6 Unitless 

 D1 free=  3 Unitless 

 ∆=  0.046 m 

 LMpinned=  4.75 m 
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 LMfixed=  3.95 m 

 lu=  0.55 m 

 leMpinned=  4.20 m 

 leMfixed=  3.40 m 

     

 LVpinned=  2.96 m 

 LVfixed=  3.33 m 

 lu=  0.55 m 

 leVpinned=  2.41 m 

 leVfixed=  2.78 m 

     

 lu/lc=  0.089 Unitless 

From Fig 5.3 p. 94 le/lc=  0.68 Unitless 

From Fig 5.2 p. 94 le/lc=  0.55 Unitless 

From Fig 5.3 p. 94 le/lc=  0.39 Unitless 

From Fig 5.2 p. 94 le/lc=  0.45 Unitless 
Abendroth and 
Greimann     
(1987)     

     

     
Where     

     

 Lc= Critical pile length  (m) 

 d= Pile diameter  (m) 

 nhi= Variation of kh with depth for soil layer i (kN/m3) 

 Lo= Active pile length  (m) 

 khe= Effective kh  (kN/m3) 

 khmax= Maximum kh  (kN/m3) 

 Esmax= Maximum Es  (kN/m2) 

 m= Variation of Es with depth  (kN/m3) 

 E= Pile modulus of elasticity  (Mpa) 

 le= Embedded pile length  (m) 

 ∆ Pile deflection at point of load application (m) 

 I= Pile moment of inertia  (m4) 

 Mpinned= Maximum pinned head pile moment (kNm) 

 Vpinned= Maximum pinned head pile shear (kN) 

 Mfixed= Maximum fixed head pile moment (kNm) 

 Vfixed= 
Maximum fixed head pile 
shear  (kN) 

 D1= Constant  Unitless 

 LMpinned= Pile length for pinned head moment (m) 
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 LMfixed= Pile length for fixed head moment (m) 

 lu= Unsupported pile length  (m) 

 leMpinned= 
Embedded pile length for pinned head 
mom (m) 

 leMfixed= Embedded pile length for fixed head mom (m) 

 LVpinned= Pile length for pinned head shear (m) 

 LVfixed= 
Pile length for fixed head 
shear  (m) 

 lu= Unsupported pile length  (m) 

 leVpinned= 
Embedded pile length for pinned head 
shear (m) 

 leVfixed= Embedded pile length for fixed head shear (m) 

 MI= Second moment of inertia of kh(x) about Lo (m4) 
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APPENDIX I - DEVELOPMENT OF NON-LINEAR SOIL SPRINGS 
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Head Deflection 2mm    

    Calculated STAAD 

Node Reaction Deflection Deflection Stiffness Stiffness 

 (kN/m) (mm) (m) (kN/m) (kN/m) 

      

      
27 -17.983 0.817 0.000817 22011.016 22000 

28 -14.77 0.224 0.000224 65937.5 66000 

29 -0.217 0.002 0.000002 108500 110000 

30 11.805 0.1 0.0001 118050 840000 

31 1.343 -0.001 -0.000001 1343000 1080000 

32 -0.651 0.001 0.000001 651000 660000 

33 -0.173 0 0.0000001 780000 780000 

34 0.032 0 0.0000000 900000 900000 

35 0.017 0 0.0000000 1020000 1020000 

36 0.1 0 0.0000001 1140000 1140000 

37 -0.001 0 0.0000000 1217999.9 1218000 
 

      

 
 
 
Head Deflection 10mm    

    Calculated STAAD 

Node Reaction Deflection Deflection Stiffness Stiffness 

 (kN/m) (mm) (m) (kN/m) (kN/m) 

      

      
27 -26.238 4.771 0.004771 5499.476 5500 

28 -36.396 2.206 0.002206 16498.64 16500 

29 -1.904 0.692 0.000692 2751.4451 27500 

30 -8.509 0.041 0.000041 207536.59 210000 

31 23.72 -0.088 -0.000088 269545.45 270000 

32 0.182 -0.00066 -6.6E-07 275757.58 165000 

33 4.276 -0.022 -0.000022 194363.64 195000 

34 0.056 0 0.0000001 560000 225000 

35 -0.696 0.003 0.000003 232000 255000 

36 -0.346 0.001 0.000001 346000 285000 

37 0.055 0 0.0000001 550000 304500 
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Head Deflection 20mm    

    Calculated STAAD 

Node Reaction Deflection Deflection Stiffness Stiffness 

 (kN/m) (mm) (m) (kN/m) (kN/m) 

      

      
27 -33.303 10.092 0.010092 3299.941 3300 

28 -48.969 4.946 0.004946 9900.728 9900 

29 -27.353 1.658 0.001658 16497.59 16500 

30 -16.953 0.135 0.000135 125577.8 126000 

31 34.623 -0.214 -0.000214 161789.7 162000 

32 14.816 -0.15 -0.00015 98773.33 99000 

33 5.621 -0.048 -0.000048 117104.2 117000 

34 0.078 -0.001 -0.000001 78000 135000 

35 -1.144 0.007 0.000011 104000 153000 

36 -0.707 0.004 0.000004 176750 171000 

37 -0.01 0 0.000001 10000 182700 
 

 

 

 

 

 
 

 

 

 

      

Head Deflection 30mm    

    Calculated STAAD 

Node Reaction Deflection Deflection Stiffness Stiffness 

 (kN/m) (mm) (m) (kN/m) (kN/m) 

      

      
27 -39.899 15.77 0.01577 2530.057 2530 

28 -61.359 8.084 0.008084 7590.178 7590 

29 -37.324 2.951 0.002951 12647.92 12650 

30 -35.917 0.372 0.000372 96551.08 96600 

31 43.578 -0.351 -0.000351 124153.8 124200 

32 23.324 -0.307 -0.000307 75973.94 75900 

33 11.418 -0.127 -0.000127 89905.51 89700 

34 1.944 -0.019 -0.000019 102315.8 103500 

35 -1.313 0.011 0.000013 101000 117300 

36 -1.371 0.01 0.00001 137100 131100 

37 -0.479 0.003 0.000003 159666.7 140070 
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Head Deflection 40mm    

    Calculated STAAD 

Node Reaction Deflection Deflection Stiffness Stiffness 

 (kN/m) (mm) (m) (kN/m) (kN/m) 

      

      
27 -46.592 21.178 0.021178 2200.019 2200 

28 -73.214 11.093 0.011093 6600.018 6600 

29 -46.351 4.214 0.004214 10999.29 11000 

30 -52.497 0.625 0.000625 83995.2 84000 

31 51.12 -0.473 -0.000473 108076.1 108000 

32 30.697 -0.465 -0.000465 66015.05 66000 

33 16.748 -0.215 -0.000215 77897.67 78000 

34 3.97 -0.044 -0.000044 90227.27 90000 

35 -1.195 0.012 0.000012 99583.33 102000 

36 -1.919 0.017 0.000017 112882.4 114000 

37 -1.068 0.009 0.000009 118666.7 121800 

      
 
 
 
 
 
      

Head Deflection 50mm    

    Calculated STAAD 

Node Reaction Deflection Deflection Stiffness Stiffness 

 (kN/m) (mm) (m) (kN/m) (kN/m) 

      

      
27 -53.532 27.037 0.027037 1979.953 1980 

28 -85.428 14.382 0.014382 5939.925 5940 

29 -55.633 5.62 0.00562 9899.11 9900 

30 -69.952 0.925 0.000925 75623.78 75600 

31 58.313 -0.6 -0.0006 97188.33 97200 

32 38.229 -0.644 -0.000644 59361.8 59400 

33 22.463 -0.32 -0.00032 70196.88 70200 

34 6.366 -0.079 -0.000079 80582.28 81000 

35 -0.865 0.009 0.000009 96111.11 91800 

36 -2.453 0.024 0.000024 102208.3 102600 

37 -1.807 0.016 0.000016 112937.5 109620 
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Head Deflection 54mm    

    Calculated STAAD 

Node Reaction Deflection Deflection Stiffness Stiffness 

 (kN/m) (mm) (m) (kN/m) (kN/m) 

      

      
27 -57.799 29.191 0.029191 1980.028 1980 

28 -92.237 15.528 0.015528 5940.044 5940 

29 -60.067 6.067 0.006067 9900.61 9900 

30 -75.527 0.999 0.000999 75602.6 75600 

31 62.96 -0.648 -0.00065 97160.49 97200 

32 41.276 -0.695 -0.0007 59389.93 59400 

33 24.253 -0.345 -0.00035 70298.55 70200 

34 6.873 -0.085 -8.5E-05 80858.82 81000 

35 -0.934 0.01 0.00001 93400 91800 

36 -2.649 0.026 0.000026 101884.6 102600 

37 -1.951 0.018 0.000018 108388.9 109620 

      

      

      

      

Node 27 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 17.983 0.000817 17.983 0.000817 22011.016 

 26.238 0.004771 8.255 0.003954 2087.7592 

 33.303 0.010092 7.065 0.005321 1327.7579 

 39.899 0.01577 6.596 0.005678 1161.6766 

 46.592 0.021178 6.693 0.005408 1237.6109 

 53.532 0.027037 6.94 0.005859 1184.5025 

 57.799 0.029191 4.267 0.002154 1980.9656 
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Node 28 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 14.77 0.000224 14.77 0.000224 65937.5 

 36.396 0.002206 21.626 0.001982 10911.201 

 48.969 0.004946 12.573 0.00274 4588.6861 

 61.359 0.008084 12.39 0.003138 3948.3748 

 73.214 0.011093 11.855 0.003009 3939.8471 

 85.428 0.014382 12.214 0.003289 3713.5908 

 92.237 0.015528 6.809 0.001146 5941.5358 
 
      

 

 

Node 29 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 0.217 0.000002 0.217 0.000002 108500 

 1.904 0.000692 1.687 0.00069 2444.9275 

 27.353 0.001658 25.449 0.000966 26344.72 

 37.324 0.002951 9.971 0.001293 7711.5236 

 46.351 0.004214 9.027 0.001263 7147.2684 

 55.633 0.00562 9.282 0.001406 6601.707 

 60.067 0.006067 4.434 0.000447 9919.4631 
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Node 30 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 8.509 0.000041 8.509 0.000041 207536.59 

 11.805 0.0001 3.296 0.000059 55864.407 

 16.953 0.000135 5.148 0.000035 147085.71 

 35.917 0.000372 18.964 0.000237 80016.878 

 52.497 0.000625 16.58 0.000253 65533.597 

 69.952 0.000925 17.455 0.0003 58183.333 

 75.527 0.000999 5.575 7.4E-05 75337.838 
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Node 31 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 1.343 0.000001 1.343 0.000001 1343000 

 23.72 0.000088 22.377 0.000087 257206.9 

 34.623 0.000214 10.903 0.000126 86531.746 

 43.578 0.000351 8.955 0.000137 65364.964 

 51.12 0.000473 7.542 0.000122 61819.672 

 58.313 0.0006 7.193 0.000127 56637.795 

 62.96 0.000648 4.647 4.8E-05 96812.5 

 

 

 

 

 

Node 32 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 0.182 0.000001 0.182 6.6E-07 275757.58 

 0.651 0.000001 0.469 3.4E-07 1379411.8 

 14.816 0.00015 14.165 0.0001493 94850.676 

 23.324 0.000307 8.508 0.000157 54191.083 

 30.697 0.000465 7.373 0.000158 46664.557 

 38.229 0.000644 7.532 0.000179 42078.212 

 41.276 0.000695 3.047 5.1E-05 59745.098 
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Node 33 P  y ∆P ∆y k 

 (kN)  (m) (kN) (m) (kN/m) 

 0  0    

 0.173  0.0000001 0.173 0.0000001 1730000 

 4.276  0.000022 4.103 0.000022 186500 

 5.621  0.000048 1.345 0.000026 51730.769 

 11.418  0.000127 5.797 0.000079 73379.747 

 16.748  0.000215 5.33 0.000088 60568.182 

 22.463  0.00032 5.715 0.000105 54428.571 

 24.253  0.000345 1.79 0.000025 71600 
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Node 34 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 0.032 0.00000001 0.032 1E-08 3200000 

 0.056 0.0000001 0.024 9E-08 266666.67 

 0.078 0.000001 0.022 0.0000009 24444.444 

 1.944 0.000019 1.866 0.000018 103666.67 

 3.97 0.000044 2.026 0.000025 81040 

 6.366 0.000079 2.396 0.000035 68457.143 

 6.873 0.000085 0.507 6E-06 84500 

 

 

 

 

 

 

Node 35 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 0.017 0.00000001 0.017 1E-08 1700000 

 0.696 0.000003 0.679 2.99E-06 227090.3 

 0.865 0.000009 0.169 0.000006 28166.667 

 0.934 0.00001 0.069 0.000001 69000 

 1.144 0.000011 0.21 1E-06 210000 

 1.195 0.000012 0.051 0.000001 51000 

 1.313 0.000013 0.118 1E-06 118000 
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Node 36 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 0.1 0.0000001 0.1 0.0000001 1000000 

 0.346 0.000001 0.246 0.0000009 273333.33 

 0.707 0.000004 0.361 0.000003 120333.33 

 1.371 0.00001 0.664 0.000006 110666.67 

 1.919 0.000017 0.548 0.000007 78285.714 

 2.453 0.000024 0.534 0.000007 76285.714 

 2.649 0.000026 0.196 0.000002 98000 

 

 

 

-0.2

0

0.2

0.4

0.6

0.8

1

1.2

1.4

0 0.000002

0.000004

0.000006

0.000008

0.00001

0.000012

0.000014

Su
b

gr
ad

e 
R

ea
ct

io
n

 (k
N

/m
)

Pile Deflection (m)

NODE 35 P-Y

0

0.5

1

1.5

2

2.5

3

0 0.000005 0.00001 0.000015 0.00002 0.000025 0.00003

Su
b

gr
ad

e 
R

ea
ct

io
n

 (k
N

/m
)

Pile Deflection (m)

NODE 36 P-Y



181 

Node 37 P y ∆P ∆y k 

 (kN) (m) (kN) (m) (kN/m) 

 0 0    

 0.001 0.00000001 0.001 1E-08 100000 

 0.01 0.0000001 0.009 9E-08 100000 

 0.055 0.000001 0.045 0.0000009 50000 

 0.479 0.000003 0.424 0.000002 212000 

 1.068 0.000009 0.589 0.000006 98166.667 

 1.807 0.000016 0.739 0.000007 105571.43 

 1.951 0.000018 0.144 0.000002 72000 
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APPENDIX J - STRAIN GAUGE CALIBRATION SHEETS 
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